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Preface 
 

 

The seismic assessment of an existing structure calls for a deep understanding of the type of failure 
mechanisms that can influence the behaviour of the building. The project that is presented in this 
report addresses the seismic behaviour of reinforced concrete wall buildings that were constructed 
1950-1970 in Switzerland. A number of these buildings belong to the Swiss cultural heritage. For such 
valued structures seismic retrofit interventions need often be kept to an absolute minimum. The project 
aims therefore at understanding the performance of these structures in their original state through 
large-scale testing and at exploring advanced computer simulation procedures to predict their seismic 
response. Findings of these tests and recommendations for the analysis of such buildings are described 
in detail in chapter 2 and 3 of the report and summarised in chapter 4.  

 

Katrin Beyer, Lausanne, September 2014 
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1. MOTIVATION AND FRAMEWORK 

1.1. Introduction 

The goal of this project is to investigate experimentally and numerically the deficiencies in the seismic 
behaviour of a building typology that was constructed in Switzerland until the 1970s without 
consideration for earthquake loads: reinforced concrete (RC) structures with thin walls. The latter were 
commonly used for apartment buildings but can also be found in special-purpose facilities which are 
now part of the Swiss cultural heritage, e.g. the theatre of Basel. 

Earthquake damage is often associated to a life safety hazard in countries of high seismicity – such as 
New Zealand, Japan, California, and Chile. However, also in regions of low to moderate seismicity 
seismic risks related to economic, social and cultural/heritage impairment can be very harmful in the 
long term. In Switzerland, which is precisely known on a global scale as having a low to moderate 
seismicity, the Federal Office for the Environment (FOEN) estimates that earthquakes account for 
about half of all risks due to natural hazards (BABS, 2004). The seismic risk is not only dependent on 
the frequency and magnitude of earthquakes, but also on the vulnerability of the exposed structures 
and their content, as it will be discussed hereinafter. Such content includes the non-structural 
components of the building, as well as their occupants.  

Literature review (Steinmann, 1974) and consultation of existing archives (ACM, 2013; AVL, 2013) 
show that, even before the appearance of the first national seismic regulations, Swiss engineers were 
concerned with the influence of the seismic loads in the performance of man-made structures. As a 
matter of fact, it is documented that, for very few special or important structures, experimental 
techniques were sought (see Figure 1) in order to supplement the very limited knowledge on the 
nonlinear behaviour of buildings with the aim of getting additional insight into the behaviour of the 
structure during earthquake loads. Unfortunately, only in very particular cases was the earthquake 
action considered, and always with a high degree of approximation. 

 

Figure 1. Model in synthetic resin at scale 1:40 of the Bureau International du Travail, built to study the effects 
of the seismic action (Steinmann, 1974). 
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In Switzerland, first seismic loads were introduced in the design standard in 1970 but at this time 
seismic loads were defined as a fixed fraction of the selfweight, which varied between 2-5% (Wenk, 
2008). Modern earthquake standards were first introduced in 1989and capacity design principles in 
2003. Therefore, buildings from the 1950s-1970s (which are targeted in the present study) were not 
designed for earthquake loading. The only horizontal forces considered in the design calculations were 
hence the wind forces, which for many residential buildings represent but a fraction of present 
prescribed seismic forces (Wenk, 2008). This non-compliance with today's regulations needs to be 
addressed in the risk assessment framework that was developed by Kölz and Schneider (2005) as it 
will be the basis of the new seismic code for existing structures (SIA 269/8, 2014; Wenk, 2014). In 
particular, monuments deserve special attention for reasons of historical preservation, and also because 
their architectural design often brings them closer to the limits of construction engineering (BABS, 
2004), making them potentially more vulnerable to damage from earthquakes.  

1.2. Seismic Risk and National Maps 

The natural risk of a region is the product of a number of factors: (i) hazard, the natural phenomenon – 
such as earthquakes – that has potential to cause harm and which remains constant throughout time in 
the same region, (ii) exposed value, and (iii) vulnerability: 

Seismic risk = Hazard × Earthquake exposed value × Vulnerability 

The only variable that can be controlled without compromising on the society’s standards is the 
vulnerability. A reduction of the vulnerability with a limited amount of resources requires a well-
planned management process. How do the current national standards tackle this? Figure 2 shows the 
seismic hazard zones defined for the Confederation (Zone Z3b being the most critical) according to the 
Swiss code SIA 261 (Société Suisse des Ingénieurs et des Architectes, 2003). The importance of the 
structure is considered by a coefficient on the seismic loads that varies between 1.0 (class I, regular 
buildings) and 1.4 (class III, crucial facilities or those representing a potentially important danger for 
the environment).  The risk-based framework for the retrofit of existing structures will be provided in 
SIA 269/8 (2014). A framework for cultural heritage structures is currently developed (Wenk and 
Beyer, 2014).   

1.3. The Role of RC Walls in Swiss Construction 

The historical role of reinforced concrete in the evolution of Swiss construction practices, architecture, 
and culture, is indelible. Reinforced concrete constructions spread faster in Switzerland than in any 
other country thanks to structural engineer Wilhelm Ritter (1847-1906) and businessmen like Edmund 
Züblin and Robert Maillart (1872-1940). The latter, in particular, revolutionized the use of structural 
RC with designs such as beamless floor slabs, mushroom ceilings for industrial buildings, bridges with 
three-hinged combining deck and arch ribs, etc. 

From the end of the 40s until the 1973 oil crisis – i.e., during “the glorious thirty [years]” (Trente 
Glorieuses, as the French economist Jean Fourastié named them), the soar in construction is 
dominated by an elated feeling of confidence in the future, spurred by the full employment status 
(Hebdo, 2007). The speedy increase in population became a real challenge: additional 700 000 
inhabitants during the 50s, and 900 000 in the following decade (Hebdo, 2007). Such state of affairs 
pushed the development of cities and the construction of satellite towns; for example, in Lignon 
(Genève), housing for 10 000 people was constructed all at once, which represents an unimaginable 
scenario nowadays (Hebdo, 2007).  
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Figure 2. ‘Seismic risk’ (seismic hazard) zones according to SIA 261 (Société Suisse des Ingénieurs et des 
Architectes, 2003). 

It is therefore apparent that reinforced concrete has accompanied and fuelled the boom of national 
housing stock, which has roughly doubled during the XX century (Marchand et al., 2012); a 
significant part of these RC constructions make use of thin walls (thickness up to 20 cm) as the 
backbone of the structure (Allenspach, 1999), which justifies the fundamental interest in their 
assessment. 

The global lateral (seismic) strength of RC wall buildings depends primarily on the resistance of those 
vertical members, which can be used either as stand-alone elements, coupled with spandrel members, 
or combined in order to form more complex shapes accommodating elevators or staircases. RC walls 
are frequently used to brace mid- to high-rise buildings against earthquakes. They are often preferred 
to frames since they tend to lead to smaller inter-storey drifts and therefore smaller non-structural 
damage.  

The research work carried out by the authors to characterize thin RC walls in Swiss construction 
practice involved: (i) review of existing literature, (ii) personal interaction with experienced 
researchers and practitioners1, (iii) consultation of libraries, institutes, and archives (ACM, 2013; 
AVL, 2013) regarding the construction practice between 1950 and 19702, and (iv) examination of 
construction drawings and blueprints of a number of projects, obtained from different sources (fonds 
d’architects, professors, practitioners, etc). 

Overall, the analysed buildings showed a rather strong regularity regarding geometry and detailing of 
thin shear walls. This observation is backed up by observations from other sources (Greifenhagen & 
Lestuzzi, 2005; Greifenhagen, Papas, & Lestuzzi, 2005; Greifenhagen, 2006; Peter, 2000). The 
uniformness concerns the wall thicknesses (between 15 and 20 cm), longitudinal/transversal 
reinforcement ratios (roughly between 0.3 and 0.8%), and detailing (uniformly distributed, with 
transversal stirrups placed on the inside of longitudinal rebars). Wall lengths were typically very large, 
between 4 m and 9 m, while the concrete cover was quite thin, as low as 10 mm. All walls feature lap 
splices at the wall base. The current code forbids lap splices in ductile walls, but for many decades the 
construction practice was to execute lap splices using lengths of only around 30-35 times the diameter 
(Lestuzzi, 2013; personal communication). This calls for an assessment of the lap splice length on the 
seismic behaviour. 

                                                      
1 The authors are grateful for the continuous assistance of Dr. Thomas Wenk and Dr. Pierino Lestuzzi. 
2 In particular, the assistance of Mme Joëlle Feihl and M. Jean-Daniel Chavan is acknowledged. 
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The aforementioned remarkable similarity of Swiss design and detailing practices which can be found 
amongst distinct projects of thin RC wall buildings reflects, to a certain extent, the substantial 
protection that has been granted to Swiss architects and engineers in their own country. As a matter of 
fact, only in the last years of the XX century have foreign architects started to be invited to participate 
in Swiss project calls. The exception has been, for a long time, the building blocks in Lucerne-
Schönbühl (1965-68) designed by Finnish architect Alvar Aalto (Allenspach, 1999). The observed 
regularity in construction practices of thin RC wall structures in Switzerland greatly facilitates the 
design and detailing of the test specimens used for the present study, as well as the general validity of 
the conclusions herein obtained, as it will be discussed in Chapter 2. 

1.4. Performance of Thin RC Walls in Recent Earthquakes 

Historically, the seismic performance of structural wall buildings has been regarded as generally good 
(Priestley, Calvi, & Kowalsky, 2007), since complete collapse under even extreme seismic excitation 
remained rare. However, a series of recent earthquakes have cast a new light on the actual behaviour 
of wall buildings, in particular slender wall structures. 

The large earthquakes in Chile (2010) and New Zealand (2011) revealed new types of failure 
mechanisms in RC walls that were subjected to large axial load ratios (Figure 3), namely bending-
compression failures. The corresponding mechanism of collapse is at present poorly understood and 
not addressed in seismic design codes. The authors think that it could be related with the reduction of 
the compressive strength of the wall due to stress concentration from bending crack offsets resulting 
from the application of cyclic (seismic) loading. This failure takes place at the wall boundary and is 
potentially dangerous for walls subjected to large axial forces, i.e. typically in multi-storey buildings. 
Missing stirrups will favour this type of collapse mechanism (photo on the right side of Figure 3).  

Thin RC walls are also prone to other modes of failure, namely out-of-plane buckling, see Figure 4 (a). 
The mechanics of this phenomenon can be summarised as follows, for a wall with double layer 
reinforcement. At large in-plane curvature demands, the wall edge region develops large tensile strains 
that cause wide near-horizontal cracks across the width of the section. That leads to longitudinal 
reinforcement yielding in tension and eventual strain-hardening. Upon unloading, an elastic strain 
recovery takes place, although the cracks remain wide due to the plastic tensile strains previously 
accumulated in the rebars. During reloading in compression, and until crack closure, the compression 
force must be resisted solely by the two layers of vertical reinforcement. This stage is typically 
accompanied by an incipient out-of-plane displacement, which occurs due to an unavoidable 
eccentricity of the axial force C acting in this region, and construction misalignments in the position of 
the longitudinal reinforcements – see Figure 4 (b). While the rebars retain their significant axial 
stiffness before yielding in compression, the out-of-plane displacement tends to remain small. 
However, as compression increases the longitudinal rebar near the concave side will yield, originating 
an abrupt reduction in stiffness and a consequent increase in the out-of-plane displacement. It is noted 
that, at this point, the second layer of longitudinal reinforcement—which has not yet yielded in 
compression—is the main source of out-of-plane stiffness. Depending on the magnitude of the tensile 
strain previously attained (i.e., before unloading), different scenarios can then take place as 
compression progresses. The cracks may close, re-establishing compressive concrete contact, or they 
may remain open leading to compression yielding of the second layer of reinforcement. In the latter 
case, out-of-plane displacements will abruptly increase, leading to wall buckling failure. Intermediate 
conditions, wherein the second layer of reinforcement yields but cracks still close, at least partially, are 
also possible.  
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Figure 3. Poor performance of structural walls during the 2010 Chile Earthquake. 

 

 

Figure 4. (a) Geometrical characteristics of the wall and out-of-plane buckling; (b) Equilibrium of external and 
internal forces at mid-height of the buckling region, adapted from Paulay & Priestley (1993). 

(a) (b) 
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Figure 5. Out-of-plane bucking of walls during the 2011 New Zealand Earthquake (from Sritharan et al. (2014)). 

Independently of the scenario that effectively takes place, the occurrence of out-of-plane 
displacements and second-order moments will affect the in-plane wall response and should therefore 
be taken into account. Field observations from recent earthquakes (Sritharan et al., 2014) have 
concluded that this phenomenon has contributed to the failure of structural wall members, as depicted 
in Figure 5. 

The smaller earthquakes in Italy (L'Aquila, 2009, Emilia, 2012) also exposed some known and new 
wall failure modes. Of particular relevance for the present project were the issues of diagonal concrete 
compression and out-of-plane instability with buckling of longitudinal reinforcement for slender RC 
walls. 

The application of current Swiss RC standards (SIA, 2003) will avoid most of the previous failure 
modes through empirical rules regarding minimum wall thicknesses and maximum axial forces, as 
well as design rules regarding transverse reinforcement. Unfortunately, pre-1989 designed RC wall 
buildings with thin walls can be vulnerable to shear, stability and bending-compression failure induced 
by earthquake loading. 

1.5. Performance-Based Earthquake Engineering 

The idea that a structure should be able to resist minor seismic shaking without damage, withstand a 
moderate earthquake possibly experiencing some non-structural damage, and survive a major event 
without collapse, was born in the late 1950s (SEAOC, 1959). Such statement embodies the concept of 
performance-based earthquake engineering (PBEE), which builds on the definition of desired 
performance targets (Bozorgnia & Bertero, 2004). Until the early 1970s, these targets were quantified 
by empirical criteria, e.g. for use in equations estimating the base shear (SEAOC, 1980). As research 
progressed, such empirical relations were replaced by equations founded upon physical principles, and 
uncertainties were also progressively considered (ATC-3-06, 1978). At the beginning of the XXI 
century, PBEE found its way in assessment (ASCE, 2006; ATC-40, 1996; EN1998-3, 2005; FEMA 
356, 2000; FEMA, 2012a, 2012b; SEAOC, 1995) and design codes (ASCE 7-02, 2002; EN1998-1, 
2002; FEMA 368, 2001). All these guidelines share a common feature: for each desired performance 
objective, they prescribe discrete, document-specific, performance levels—ranging from fully 
operational to collapse prevention—and discrete hazard levels. 

Characterising these performance levels requires the definition of a set of engineering demand 
parameters (EDPs) on which performance assessment can be based. The values of this set of EDPs 
needs to be estimated from numerical simulations. It should be noted that within a formal theoretical 
setting of performance-based assessment, a distinction exists between EDPs and damage measures: 
Damage measures describe the damage and its consequences to structural or non-structural 
components while EDPs include all engineering parameters based on which such damage can be 
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estimated. In reinforced concrete (RC) structures, examples of damage measures are maximum crack 
width, spalling of cover concrete, buckling or fracture of longitudinal steel, damage to core concrete, 
while EDPs are, for example, member forces, inter-story drift values or maximum tensile and 
compressive strains. Floor accelerations and velocities, residual displacements, displacement ductility, 
and cumulative measures like hysteretic energy dissipation, are further examples of EDPs that can be 
suitable to describe the building performance. 

Until the 90s, traditional EDPs were limited to member forces and inter-story drifts, obtained from 
equivalent lateral force and/or response-spectrum analysis. These analysis methods are still the basis 
of many current design codes. From the early to mid-1990s, the development of nonlinear methods of 
analysis led to the introduction of deformation-based EDPs, such as member chord rotations (Romão, 
Delgado, & Costa, 2010) and inter-story drifts (Whittaker, Deierlein, Hooper, & Merovich, 2004). 
Many commercial software packages of structural analysis now include relatively advanced nonlinear 
modelling and analysis features, which are used by practitioners to estimate the aforementioned EDPs 
(e.g. Computers and Structures Inc. (Computers and Structures Inc., 2013a, 2013b)) and a number of 
research analysis softwares have been specifically developed for seismic analysis purposes (OpenSees, 
2013; SeismoSoft, 2013; Wong, Vecchio, & Trommels, 2014). 

EDPs such as member forces and inter-story displacements are ‘global-level’ parameters, i.e., 
quantities that refer to the member or structural level. However, the advancement of numerical 
simulation tools and new code and guidelines specifications are progressively promoting the 
supplementary use of local EDPs, e.g. quantities that refer to the material or sectional levels, which are 
considered to better and more directly correlate to damage (Berry, Lehman, & Lowes, 2008). They 
include, amongst others, rebar strains, cover and core concrete strains, maximum curvature, and 
curvature ductility (Mackie & Stojadinovic, 2001). For instance, the reinforcing steel tensile strain can 
be defined as the EDP to assess the maximum residual crack width, which can then be compared to a 
reference value to assess if the damage level is negligible or requires a certain repair method. Other 
examples are the cover and core concrete compressive strains, which can be related to a minor spalling 
of the cover (slight damage level) or a major spalling exposing the longitudinal reinforcement 
(moderate damage level).  

PBEE demands therefore an accurate estimation of both global and local EDPs, which can be 
estimated from numerical analyses of different degrees of sophistication. In this report, the suitability 
of different modelling approaches for the seismic analysis of reinforced concrete (RC) walls will be 
assessed in chapter 3. 

1.6. Objectives of the Study and Organization of the Report 

Bearing in mind the framework presented in the previous sections, the first objective of this project 
was to plan and carry out an experimental program to better understand the expected performance of 
thin RC walls as they were typically designed and built during the 1950s-1970s in Switzerland. The 
importance of carrying out such tests is also proportional to the lack of knowledge regarding specific 
failure modes that are poorly understood, as discussed in section 1.4. These large-scale tests of entire 
walls, subjected to cyclic loading reproducing seismic excitation, will illustrate directly how Swiss 
walls will behave in the event of an earthquake. Measurements, photos and videos gathered during the 
tests will also be valuable material for research and educational purposes. These new tests, which are 
described in chapter 2, will therefore allow to close an important gap in the experimental international 
database on RC walls, which includes very few past tests on thin RC walls. 

The data gathered during the tests with cutting-edge instrumentation and data-acquisition systems 
should then be used for validation of numerical models applied in consulting. In fact, the 
characterization of the seismic vulnerability, as discussed in the aforementioned chapters, depends on 
the engineer’s ability to predict and simulate structural damage. The second objective of this study was 
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thus to assess the capabilities of existing engineering models, typically used in practice, to simulate 
inelastic wall behaviour. It is carried out in chapter 3. Only a combination of sound mechanical models 
with advanced numerical tools will allow to simulate the expected seismic behaviour of existing 
buildings with a high degree of confidence and, consequently, to accurately determine if a particular 
structure should be subjected to a structural rehabilitation operation. If so required, such joint approach 
will further be able to identify the strengthening measures that minimize the intervention and optimize 
the response of the retrofitted building. 

From the scientific viewpoint, estimation of damage relates directly to local member quantities such as 
strains, which underlines the fundamental need to efficiently establish a relation between these and 
global quantities (e.g., member forces), which can be in general simulated with more accuracy. The 
investigation of this often forgotten link is another objective of the present study. It comprises two 
phases. The first one, completed, consists of a comparison between local quantities as simulated by 
different modelling approaches. It was addressed in an extensive technical study that has been recently 
submitted for publication in the journal ‘Archives of Computational Methods in Engineering’ 
(Almeida, Tarquini, & Beyer, 2014). The second phase corresponds to a comparison between the 
aforementioned results of the mathematical models with those obtained from the experimental tests 
carried out in the laboratory. It is an ongoing effort that will soon also be submitted for publication in 
international peer-reviewed journals. The details of these two phases are not included in the current 
report as they represent a level of technical detail that was judged incompatible with the character of 
the document. If the reader is interested in the abovementioned reference the authors will gladly 
supply it. 

The last objective of this report, explained in chapter 4, is to provide recommendations and guidance 
that can be used by practicing engineers with expertise in earthquake engineering, in order to improve 
the overall seismic assessment of RC wall buildings and therefore allow a more sustainable protection 
of the Swiss Heritage in the long term. 
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2. EXPERIMENTAL PROGRAMME  

2.1. Introduction and Objectives 

Whilst detailed assessment is done, in general, through computational simulations (as addressed to a 
greater extent in chapter 3), it can only be carried out with confidence if the numerical tools acceptably 
reproduce the real structural behaviour. In turn, the latter can only be fully understood through 
experimental tests of representative specimens that follow the design and detailing criteria used in 
common construction practice.  

A review of experimentally tested specimens verifying conditions of (loose) similarity with the Swiss 
construction practice of the 1950s-1970s was carried out. Some of the most relevant characteristics 
that affect the seismic response of walls with uniform distribution of reinforcement include: wall 
thickness, length, vertical and horizontal reinforcement ratios. If the wall also includes boundary 
elements, their length (as a ratio of total wall length), and the corresponding partition of the 
longitudinal reinforcement ratio between boundaries and web regions is also relevant. With the above 
in mind, the database review fell on test units respecting the following requirements: 

 Rectangular geometry. 
 Absence of boundary elements or having boundary elements with a similar reinforcement ratio 

as the web. 
 Relatively low vertical and horizontal reinforcement ratios (< 1.5 %). 
 Shear span ratios between 1 and 3. 

Unfortunately, the existing experimental results show that their applicability to further the knowledge 
on the performance of thin RC walls with Swiss construction practices, as described in Section 1.3, is 
extremely limited. Such fact pointed out to the need of carrying out specific experimental tests to 
bridge this gap. 

Even very advanced numerical simulations are in general not sufficient to predict, accurately and 
without a-posteriori calibration, the inelastic response of a shear wall at the global and local levels. 
Hence, the only available option for a reliable and controlled acquisition of data consists of the 
execution of highly instrumented experimental tests.  

Within the scope of this project it was decided to test two thin RC walls, denoted by TW2 and TW33. 
The experimental program, which is being carried out at the GIS-GE Lab of EPFL, started in 
September 2013 and lasted until April 2014. The main objectives of the tests are: 

 Evaluation, in terms of displacement and ductility capacity, of the wall performance under 
cyclic loading. 

 Assessment of the governing failure mechanism. 
 Estimation of the influence of lap splices in reducing the ductility and the capacity of the wall. 
 Providing consistent and reliable modelling guidelines in order to predict, both at the global 

and local levels, the behaviour of structural elements with similar geometrical and mechanical 
characteristics. 

2.2. Description of Experimental Campaign 

The geometrical, mechanical, and reinforcement detailing regularity of RC walls in Swiss construction 
practice during the 50s-70s, discussed in section 1.3, makes it simpler to define representative RC wall 

                                                      
3 The acronym TW stands for ‘Thin Wall’. Actually, the complete test series included a total of three walls, but 
specimen TW1 represents a distinct design code and thus is not of direct interest to the present project. 



10 

members to be tested in the laboratory. Specimens TW2 and TW3 are thus intended to reproduce the 
features of RC walls that can be found in existing structures built during the referred time period.  

Experimental simulation is restrained by laboratory limitations, which are of different sorts. In the 
present case, a full scale specimen could not be considered in view of the large length of typical walls. 
Although the construction of the latter would be too costly, laboratory conditions (capacity of the 
available actuators, physical volumetric features of the laboratory, etc) were the main limiting factor 
defining the upper bound for the scale factor. On the other hand, small scale factors will typically 
imply an untrustworthy reproduction of the scaled-down material behaviour (concrete and steel) and, 
consequently, of the wall response. In view of the above, a satisfactory scale factor of 2/3 was defined. 

Both test units are models of the ground storey of a RC wall belonging to a 5-storey reference 
building, characteristic of typical Swiss construction practice during the 50s-70s. The influence of the 
part of the building wall comprised between its effective height and the height of the specimen (Figure 
6) is taken into account by the specific load application enabled by the particular test setup. 

2.2.1. Test Setup 

Most monotonic and quasi-static cyclic wall tests are performed in specimens responding as either: (i) 
a cantilever, i.e., a wall subjected simultaneously to a top axial and lateral force, or (ii) as a double 
cantilever, in which case the upper end is restrained against rotation. The imposition of a specific (and 
controllable) top moment – which can more realistically simulate the boundary conditions of a storey 
wall – poses a number of experimental difficulties, and is therefore usually not pursued. The current 
test setup, depicted in Figure 7, Figure 8, and Figure 11, was devised precisely to overcome such 
problems.  

 

Figure 6. Definition of the test specimens TW so as to reproduce a realistic behaviour of the original wall of the 
reference building. 
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Figure 7. Three-dimensional view of the test setup (SW). 

It can be observed that the test setup consists of a steel frame and reaction wall, designed to prevent 
tilting of the wall and to provide a support for the actuators and the measurement system. All the steel 
columns were clamped to the floor with tensioning rods. Three actuators are employed: two vertical 
ones apply the axial load and bending moment corresponding to a chosen shear span ratio through the 
actuators’ lever arm, and the third actuator applies the cyclic horizontal displacement history to the top 
RC beam of the specimen (see also section 2.2.2). The actuators (Walter+Bai AG servo-hydraulic 
actuators with force capacity of ±1000 kN and total stroke of 1000 mm) are controlled in a fully 
coupled mode in such a way that the axial force and the height of zero moment remains constant 
throughout the test. The horizontal actuator is the master while the vertical actuators are slaved to the 
previous one. Each actuator is equipped with a load cell and a displacement transducer, used to control 
the deformation rate. Since small deformations are imposed in the horizontal direction and the hinges 
of the actuators have some backlash, which are both part of the deformation measured by the 
actuator’s internal transducer, an external LVDT was used to measure and control the top 
displacement of the test unit. 
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Figure 8. Three-dimensional view of the test setup (NW). 

In test setups of cantilever and double-bending specimens, cracks can spread all over the specimen’s 
height, which typically lacks physical meaning due to the realistic localized increase in stiffness and 
resistance provided by the slab at each storey level. The present loading conditions replicate the as-
built status in a more realistic way, avoiding the much increased costs of constructing (and testing) a 
multi-storey test unit including slabs.  

Three steel beams were placed over the top RC beam of the test unit, to warrant a distributed 
application of loads. Such steel loading beams have strength and stiffness of a much larger order than 
that of the wall. Again in order to reproduce in-situ conditions, the lateral stability of the specimen was 
guaranteed at the storey level by a bracing system consisting of four steel tubes that allow for free 
lateral displacements in the loading direction and restrict them in the out-of-plane direction. The force 
in these tubes was controlled by strain gage measurements. On the other hand, the possible 
development of lateral instability modes along the height of the wall, triggered by in-plane loading, 
was not avoided. The latter are an integral part of the potential realistic failure modes of walls in real 
buildings and should therefore be allowed to take place (see section 1.4). 

The construction of the test setup in the structural engineering laboratory GIS-GE of EPFL started in 
the month of September 2013 (Figure 9, Figure 10) and lasted until November 2013 (Figure 11).  
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Figure 9. Overview of the testing space in the beginning of September 2013. 

   

Figure 10. Overview of the test setup at the end of October 2013, close to completion. 

 

Figure 11. Overview of the test setup upon completion. 
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2.2.2. Specimens TW2 and TW3 

The overall geometrical characterization and reinforcement layout of the test units can be found in 
Figure 12. Each specimen consists of a foundation, the wall itself, and a top beam. A significant 
number of parameters (e.g., axial load ratio, shear span ratio, boundary conditions, geometrical or 
mechanical properties, detailing) could have been changed to differentiate the two tests. The one that 
was thought to potentially have a greater impact on the behaviour of the specimens was the presence / 
absence of lap-splices (see section 1.3), and it was thus decided to provide TW3 with lap splices 
according to past construction practice, i.e., between 30-35 times the diameter of the longitudinal 
rebars. In other words, the two specimens share the same geometry, reinforcement ratios, mechanical 
properties, boundary conditions, axial load ratio, shear span ratio, and are submitted to the same load 
protocol.  

Both walls are 2 m high, 2.7 m long and 0.12 m thick, and include a small flange (0.44 m × 0.12 m) at 
one edge that simulates the presence of an orthogonal wall. The objective of the construction of such 
small flange is not to account for the increase in strength in that direction, but rather to check its 
influence on the concrete confinement, lateral stability of the wall, and eventual concentration of 
damage along the interface. The longitudinal and horizontal reinforcements are 6 mm diameter rebars 
spaced respectively at 95 mm and 130 mm, and concrete cover is 15 mm. In case of TW2, the vertical 
reinforcement is placed all the way down into the foundation, whilst for TW3 it stops at the wall-
foundation interface. The lap spice length is of 215 mm, which corresponds to approximately 35 × 
diameter of the longitudinal bars. The reinforcement ratios characterizing both TW2 and TW3 are 
listed in Table 1. 

 

Figure 12. Geometry of RC specimens TW2 and TW3, and corresponding reinforcement detailing. All 
dimensions in [mm]. 
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Table 1. Reinforcement ratios of test units TW2 and TW3. 

REINFORCEMENT RATIOS 
 Vertical Horizontal Orthogonal 
 ρv [%] ρh  [%] ρort [%] 

Web 0.49 0.35 [-] 
Flange 0.64 0.19 0.35 

 

As it can be noted, the reinforcement layout lacks seismic detailing rules. No stirrups or hoops are 
present and the longitudinal reinforcement is placed externally to the transverse rebars. This detailing 
is quite rare in current design practice wherein, especially in seismic regions, providing the structural 
members with an adequate confinement is standard recommendation. 

The construction of the specimens was commissioned to the company ‘Proz Frères SA – Éléments en 
Béton’ in September 2013. The walls arrived to the GIS-GE Lab in the month of December (Figure 13 
and Figure 14) and were painted white. The test unit was then connected to the test setup and six 
tensioning rods passing though vertical openings in the foundation fastened it to the laboratory strong 
floor. Horizontal prestressing of the top RC beam was also applied and the wall was instrumented as 
described in section 2.2.5. 

        

Figure 13. General view and close-up of the specimens after construction, upon arrival to the laboratory. 

   

Figure 14. Transportation of the first specimen to the test setup. 
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2.2.3. Material Properties 

A number of concrete compression tests and double punch tests were carried out in cylinder specimens 
to determine the modulus of elasticity, the compression strength, and the tensile strength for the 
concrete of both walls. The results, corresponding to averages of the tests, are summarised in Table 2. 

The 6 mm diameter reinforcing steel employed in both test units TW2 and TW3 originates from the 
same production batch (it corresponds to a special order from the EESD Lab, wherein a more realistic 
ductile response was envisaged). In order to describe its mechanical behaviour, six bars were subjected 
to uniaxial tension tests. The corresponding stress-strain results are displayed in Figure 15 and 
summarized in Table 2. 

2.2.4. Loading Protocol 

The main guiding principle for the loading application was once again an as-close-as-possible 
reproduction of the expected loading conditions imposed by an earthquake on a storey wall of a real 

multi-storey building. A constant axial load ܰ = 690	kN, equivalent to an axial load ratio of 
ே௙೎ᇲ∙஺೒ ≅5% (Ag is the gross sectional area), was applied to the top of the wall, which was considered to be 

representative of a building of approximately 5 to 6 storeys. It is a relatively low value, but it should 
be kept in mind that the thickness of the storey slabs used in Swiss construction was also typically 
very small (around 16-18 cm; Lestuzzi, 2013, personal communication). 

The shear span was fixed at 3.15 m, which corresponds to a shear span ratio of 1.17. As described in 
section 2.2.1, the moment on the top of the wall was simulated by the lever arm between the forces N1 
and N2 applied by the vertical actuators. They were calibrated so that their resultant is applied at the 
centroid of the wall section (Figure 16). 

The test was a quasi-static cyclic experiment. The loading protocol consisted in a reversed cyclic 
history, which was applied in deformation control. The corner values of imposed (cyclic) drift were 
named load stages (LS), as shown in Figure 17 and Figure 18 respectively for walls TW2 and TW3. 
Numbering of the load stages started with LS00 (initial measurements), for the unloaded test unit, and 
LS01 corresponded to the application of the axial load. Each target (positive and negative) drift was 
thereafter numbered successively. 

Table 2. Mechanical properties of the concrete for test units TW2 and TW3, and of the 6 mm diameter rebars. 

MATERIAL PROPERTIES  
Concrete TW2 f’c c Ec f’t  

 [MPa] [‰] [MPa] [MPa]  

 50.7 2 31750 2  

Concrete TW3 f’c c Ec f’t 
 [MPa] [‰] [MPa] [MPa] 
 43.3 2 30200 2 

Steel fy fu Es sy su 

 [MPa] [MPa] [MPa] [‰] [‰] 

 460 625 200000 2.5 80 
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Figure 15. Steel stress-strain relationship as obtained from tension tests in 8 rebars with diameter = 6 mm. 

 

Figure 16. Forces N1 and N2 applied by the vertical actuators to simulate the self-weight of the structure. 
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Figure 17. Applied drift history with loading stages (LS) for wall TW2. 

 

Figure 18. Applied drift history with loading stages (LS) for wall TW3. 
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2.2.5. Instrumentation and Measurements 

The wall tests were instrumented with hard-wired LVDTs and strain gages, optical measurement 
devices, and digital image correlation systems. 

Eight LVDTs with different displacement ranges were placed along both the North (flange) and South 
(web) sides of the wall, as shown respectively in Figure 19 (a) and (b). Two additional LVDTs, 
reacting against an external column independent of the test setup and covering a stroke range of ± 50 
mm, were placed horizontally to measure the displacement of the top RC beam at the actuator height. 
The average of their measurements was used to control the test. 

The forces in the four steel tubes restricting the out-of-plane displacement of the walls at the height of 
the top RC beam were derived from strain gage measurements (three per tube). Applied in-plane 
forces were registered with the internal load-cells of the actuators. 

Deformations of the wall surface were measured along a grid of light emitting diodes (LEDs) over the 
entire wall surface using the optical measurement system NDI Optotrak Certus HD (NDI, 2009), as 
depicted in Figure 20. The LEDs, whose spatial position is tracked by a sensor during the test, were 
glued on small metal plates along the grid on the Eastern face of the wall. To measure the 
deformations with respect to the foundation and the top RC beam, L- and Z-shaped brackets 
instrumented with LEDs were glued to these elements. The LEDs were placed on a base grid of 29 
columns × 18 rows (the top beam had slightly less sensors due to the system limitation of 511 
channels). Each LED occupied the geometrical centre of the rectangle defined adjacent horizontal and 
vertical rebars. 

The optical measurement data were collected during loading between LSs, as well as during two-
minute slots at each load stage (i.e., at constant horizontal displacement). The measured x-, y- and z- 
coordinates of all LEDs were stored and then post-processed to check the reliability of the 
measurements during the all test. 

      

 

Figure 19. View of vertical LVDTs: (a) North (flange) side; (b) South (web) side. 

(a) (b) 
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Figure 20. Grid of LEDs used for the optical measurement system (Eastern face of the wall). 

On the Western face of the wall, a speckle pattern was applied to enable the use of digital image 
correlation techniques. While in TW2 only the lower corners of the wall were monitored, see Figure 
21 (a), in TW3 the monitored area covered the entire wall face, see Figure 21 (b). 

The evolution of the crack patterns during the test was sketched at each load stage and the crack width 
was determined manually using a crack-width comparator at a few points along the cracks, also at each 
loading stage. The combination of the crack maps and widths represent the progress of damage 
distribution in the test unit with loading, which is what the mathematical models of chapter 3 try to 
simulate from computed engineering demand parameters. 

  

 

Figure 21. Digital image correlation speckle pattern for walls: (a) TW2, (b) TW3 (the pattern is barely visible in 
the photo due to the very small diameter of the ink drops). 

(a) (b) 
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Photos of all faces of each test unit were taken at every load stage, as well as of all relevant signs of 
local damage (cracks, spalling or crushing of concrete, rebar buckling and fracture, etc). Moreover, 
videos of the wall deformation occurring in-between successive load stages were made. This resource 
proved very useful in the a posteriori analysis of the wall behaviour, contributing to a better 
understanding of the progression of damage and the transfer of forces between distinct deformation 
modes of the member. 

2.3. Test Results 

2.3.1. TW2 

Figure 22 shows the force-drift response of wall TW2. It shows stable hysteretic loops up to 0.75% 
drift when loading towards the web side (LS17). During the following cycle in the same direction 
(LS19), at 1% drift, the wall lost almost half of its force capacity. In other words, it can be considered 
that it attained failure. As expected, when loading towards the flange side (even values of load stages), 
the member depicted a much more ductile response and only showed signs of degrading force capacity 
above drifts of 1.75%. Failure in this direction can be considered to have occurred at around 2.2% 
drift, corresponding to an approximate drop of 20% of the member capacity. It should be noted that, in 
Figure 22, there is an abrupt drop in the force-displacement response of the test unit at around 1.2% 
drift. Such drop does not correspond to any physical phenomenon but rather to the pressing of the 
‘emergency stop’ button of the oil pressure system feeding the actuators. This was judged required by 
the supervisors of the test, as it was considered that the advancing damage of the test unit could induce 
a possible collapse putting at risk the integrity of diverse laboratory equipment (e.g. LVDTs, which 
were therefore removed). 

 

Figure 22. Force-drift response of wall TW2. 
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The first visible crack was detected at LS06, corresponding to a very small drift of 0.1%, see Figure 23 
(a). Crushing of the concrete cover was signalled by the appearance of the first vertical cracks, as 
depicted in Figure 23 (b). The horizontality of the wall cracks indicates a predominantly flexural type 
of member behaviour, as depicted in Figure 24 (a) for LS18. At this loading stage, the concrete spalled 
off along a height of approximately 10 cm at the web end – see Figure 24 (b). As referred above, this 
load stage corresponds to the last one wherein the wall depicted a stable behaviour in both directions. 

Upon further loading to LS19, extensive crushing of the concrete at the web edge took place, in a 
region occupying approximately 70 cm length and 15-20 cm height (Figure 25). This phenomenon 
affected the load carrying capacity of the wall and induced the failure of the member in this direction. 
Therefore, it was decided to not load again the wall in the same direction. 

Following load reversal to LS20, the wall showed a stable ductile behaviour up to around 2% drift. 
Concrete cover attained crushing and minor spalling off occurred, as shown in Figure 26 (d). 
However, the progressive loss of the wall capacity beyond 2% drift can be attribtued to the 
consecutive fracture of longitudinal rebars at the (opposite) web end, which was distinctly heard 
during the test. Figure 26 (b) and (c) provide visual evidence of the foregoing phenomenon. Figure 26 
(a) shows the condition of the test unit at the end of the experiment. 

It should be noted that very small out-of-plane displacements were observed both for TW2 and TW3 
(less than 1 cm). However, as discussed in the conclusions, it is not possible to straightforwardly 
disregard the pernicious effects of this failure mode in the behaviour of wall buildings characteristic of 
the Swiss building stock of the 50s-70s. 

   

 

Figure 23. (a) Appearance of the first crack at LS06; (b) First vertical cracks at the web end (South) at LS15. 

   

 

Figure 24. At LS18: (a) Crack pattern; (b) Damage at the web end. 

(a) (b) 

(a) (b) 
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Figure 25. Damage at the web end at LS19. 

   

 

   

 

Figure 26. (a) Overview of wall condition at final load stage LS20; (b), (c) Close-ups at web edge, depicting 
rebar fracture; (d) Close-up at flange end, showing limited concrete spall-off. 

2.3.2. TW3 

The global response of wall TW3 can be observed in Figure 27. Comparing these results with those of 
Figure 22 show that the member response is quite similar when loading takes place towards the web 
side (negative values of drift). On the other hand, when loading occurs towards the flange side 
(positive values of drift), the test unit does not attain quite the same value of force capacity, and the 
degradation of strength starts at a lower drift level, after a drift of 0.75%. The drift level corresponding 
to an approximate drop of 20% of the member capacity is around 1%, which represents less than 50% 
of the corresponding drift for wall TW2. The local effect of the lap splice, which is detailed below, can 
explain this clear comparative decrease of the wall performance at the global level. 

(a) (b) 

(c) (d) 
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Figure 28 to Figure 36, which are self-explanatory to a great extent, show the evolution of damage in 
the member up to failure. The first clear differentiating effect of the presence of a lap-splice, with 
regards to wall TW2, is depicted in Figure 29 at LS14. It can be seen that a concentration of 
deformation takes place, when the web is in tension, in a single large crack at about the lap splice level 
(22 cm above the foundation). This is caused by the double longitudinal reinforcement content over 
the length of the lap splice. It is noted that at LS16, although not clearly visible from the pictures in 
Figure 31, the cracks above the lap splice started to reduce their width in comparison to previous load 
stages. This can again be ascribed to an internal redistribution of stresses within the member 
associated to the localization of the deformations in the crack at lap splice height. This effect is even 
more pronounced for LS18 (Figure 33), wherein the cracks above the lap splice reduce their width to 
less than 0.1 mm. 

The accelerated progression of web crushing, which took place between LS15-LS17-LS19-LS21, was 
accompanied by a drop in the member capacity, and can be observed in the pictures of Figure 30, 
Figure 32, Figure 34, and Figure 36. The very extensive crushing that took place during odd loading 
stages can certainly be related to the large crack width formed during the preceding even loading 
stages. Namely, it can be the result of in-plane offsets in the crack faces, which yielded a reduced 
compressive strength. It is also possible that slight out-of-plane rotations of concrete blocks reduced 
the contact area leading to premature crushing. It was the crushing of the web region that prevented 
the wall from developing a larger capacity and ductility in the opposite loading direction. Although 
there were some rebar fractures in the large lap splice crack, as depicted in Figure 33 (a), they were not 
the primary cause for the decrease of wall bearing capacity at positive drifts, as it happened for TW2. 
Hence, the damage concentration associated to this failure mechanism controlled clearly the member 
behaviour in both loading directions. 

 

Figure 27. Force-drift response of wall TW3. 
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Figure 28. Load stage LS13: (a) spall off of concrete cover along a height of 15 cm at the web end; (b) Overall 
crack pattern along the wall. 

   

 

Figure 29. Load stage LS14: Crack of 5 mm width at about lap splice level (22 cm above the foundation), along 
a length of around 50 cm. 

   

 

Figure 30. Load stage LS15: (a) Crushing at the web end (length of around 25 cm at a height of 22 cm); (b) 
Crack beneath entire flange open. 

(a) (b) 

(a) (b) 

(a) (b) 



26 

 

 

     

 

   

 

Figure 31. Load stage LS16: (a) Wall crack pattern; (b) – (e) Crack of 18 mm width at about lap splice level (22 
cm above the foundation), along a length of around 60 cm; (f) Clear bond-slip failure in one of the rebars at the 

web extremity, of a few centimetres. 

 

(a) 

(b) (c) (d) 

(e) (f) 
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Figure 32. Load stage LS17: (a), (b) Crushing at the web end (length of around 40 cm at a height of 22 cm); (c), 
(d) Buckling of rebar that had previously slipped. 

   

 

Figure 33. Load stage LS18: (a) Crack of 35 mm width at about lap splice level (22 cm above the foundation), 
along a length of around 100 cm; (b) Rebar fracture and extension of bond-slip failure to neighbouring rebars at 

web edge.  

  

(a) (b) 

(c) (d) 

(a) (b) 
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Figure 34. Load stage LS19: (a) – (d) Crushing at the web end (length of around 150 cm at a height of 22 cm); 
(e), (f) Crack openings at the flange side. 

(a) (b) 

(c) (d) 

(e) (f) 
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Figure 35. Load stage LS20: (a), (b) Crack at lap splice level stretches for a length of around 160 cm; (c) 
Spalling off of concrete cover at Western side of the flange; (d) Vertical cracks at Eastern side of the flange, 

indicating cover concrete crushing.  

   

 

Figure 36. Load stage LS21: Final condition of wall TW3. Crushing from the web extremity extends throughout 
a length of 220 cm. 

 

(a) (b) 

(c) (d) 

(a) (b) 
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Figure 36 (cont). Load stage LS21: Final condition of wall TW3. Close-ups of the web and flange regions. 

2.4. Conclusions from the Experimental Programme 

The test programme comprised two quasi-static cyclic tests on RC walls that are representative of the 
wall structures constructed in Switzerland between 1950 and 1970. The two walls differed with regard 
to the splicing of the longitudinal reinforcement. The first test unit (TW2) is a reference test unit with 
continuous longitudinal reinforcement. The second test unit (TW3) represents the construction practice 
of the period of interest when longitudinal reinforcement was always spliced above the foundation, 
i.e., in the zone where large plastic deformations are expected. The lap splice length corresponded to 
approximately 35 bar diameters, which was considered to be a realistic (average) value for national 
construction practices of the time. Nevertheless, the review of several construction plans showed that 
there is some degree of variability regarding the length of the lap splices adopted in different 
structures. In that sense, it is obviously expected that walls with longer lap splices will depict a 
behaviour that progressively bridges to that of wall TW2. The results of the latter can also be looked at 
as being more representative of more modern construction practices in Switzerland. 

When loading towards the wall end without flange (negative values of the drifts in the plots), the two 
test units failed due to crushing of the wall base. A first interesting observation, evidenced in Figure 
37, is that the behaviour of the wall in this direction was absolutely identical for both walls. The fact 
that the presence of lap-splices did not influence the response of the member (at the global level) in 

(c) (d) 

(e) (f) (g) 
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this direction is not surprising. However, it is relevant to note that damage (at the local level) does not 
concentrate equally in the two test units, which clearly influenced the response of the specimens for 
loading in the opposite direction. In fact, when loading towards the flange (positive values of the 
drifts), the experimental test of TW3 showed a softened response with respect to TW2. The lap splice 
led to a reduction of the deformation capacity by about 50%, from approximately 2% (in wall TW2) to 
1% (in TW3). While the drop in resistance of wall TW2 was mainly related to consecutive rebar 
fractures in tension (i.e., at the web edge).  Due to the double longitudinal reinforcement over the 
length of the lap splice in TW3, deformations concentrate initially in a crack above and below the lap 
splice. The widths of these cracks can be rather large and led to lap splice failure and bar fracturing. 

In order to appraise the behaviour of wall structures within the Swiss building stock, it seems 
important toappreciate the drift capacities that could be reached without significant loss of strength. 
Shortly, the tests have shown that–with regard to modern international standards—only low values of 
drift can be reached with safety, of the order of 0.75% to 1% (either due to crushing at the free edge of 
the wall, or due to failure associated to a lap-splice mechanism). Whilst such wall performance would 
be inadmissible for high seismicity regions, it may be acceptable for regions of low to moderate 
seismicity (as Switzerland), especially if the density of walls prevents large inelastic demands in the 
building members. 

 

Figure 37. Comparison of the force-drift response of walls TW2 and TW3. 
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3. ENGINEERING MODELS FOR THE ASSESSMENT OF THIN RC WALLS 

3.1. Introduction 

Unlike frame structures, shear deformations in RC walls contribute typically in a significant manner to 
the total deformations even if the walls are designed to develop a flexural mechanism. Since the shear 
deformations influence the axial strain distribution in the wall section, the RC walls should be ideally 
modelled using solid, shell or membrane elements. However, due to the large computational costs 
associated to these models and the expertise required for their setup, RC walls are often analysed using 
beam element models (Euler-Bernoulli or Timoshenko) or even simple plastic hinge models. For the 
purpose of the present report, the existing modelling approaches were herein divided into three main 
categories: plastic hinge analyses (PHAs), distributed plasticity models (DPMs), and shell element 
models (SEMs). This selection was based on the following criteria: On the one hand, it was intended 
to use simulation methods of distinct levels of complexity, roughly spanning the existing modelling 
spectrum. On the other hand, only the approaches and software that are commonly used and available 
to researchers and specialized engineers were considered.  

Theoretical and numerical features of plastic hinge analysis and distributed plasticity models will be 
analysed in more detail in the following sections. For what concerns nonlinear shell element models, 
they are powerful simulation techniques that take into account directly the interaction between axial 
force, flexure and shear (Ile & Reynouard, 2005). Modelling the behaviour of RC members subjected 
to torsion with beam elements is a very challenging issue (Mazars et al., 2006), and in such case the 
use of shell elements is again shown to be a suitable option. Although initially limited to research 
purposes (Sittipunt & Wood, 1993), the increase of computational power is progressively bringing this 
modelling approach closer to being a practical tool for design engineers, delivering reliable and robust 
results (Palermo & Vecchio, 2007). Since shell elements, associated to multiaxial constitutive laws, 
are amongst the available tools of analysis that provide more detailed results, they have been used to 
improve or calibrate modelling techniques demanding less computational power (Beyer et al., 2014). It 
should be noted that there are other wall modelling strategies that do not fit clearly into any of the 
three previously mentioned categories. These hybrid methods traditionally borrow some features from 
the each approach and in general offer significant additional flexibility in terms of definition of input 
parameters. Among these hybrid methods the so-called multiple-vertical-line element and ensuing 
developments (Orakcal et al., 2006), as well as the ‘wide-column models’, composed of an assembly 
of vertical beam-column elements and horizontal links to represent the wall segments (Beyer et al., 
2007, 2008) are particularly often applied when modelling RC wall buildings. Three-dimensional 
lattice models have also been used for the simulation of the experimental torsional and biaxial cyclic 
response of RC structural members (Miki & Niwa, 2004). This strategy has been further developed by 
Yu and Panagiotou (Lu & Panagiotou, 2012, 2014), who apply a 3D beam-truss model for nonplanar 
RC walls which also accounts for mesh-size effects. They use nonlinear beam and truss elements in 
the vertical and horizontal directions, nonlinear truss elements in the diagonals to represent the 
diagonal field of concrete, and linear elastic beams to simulate the out-of-plane stiffness.  

Exploring the complex range of available modelling approaches naturally raises interest within the 
scientific community (Belletti et al., 2013; Beyer et al., 2014; Yazgan & Dazio, 2011). However, most 
of the comparisons typically focus on the global level of analysis and do not address comprehensively 
the relation between the latter and the local levels of the mathematical model in consideration. One of 
the goals of the present study is to compare some of the most common modelling approaches for the 
simulation of the inelastic behaviour of RC walls. The consideration of shear modelling in the 
different approaches, confinement effects, and lap-splice modelling, are shortly addressed in sections 
3.2.1, 3.2.2 and 3.2.3, respectively. 
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3.2. Overview 

The present section recalls the underlying assumptions and the distinct levels of analysis that are 
associated to each of the mathematical models used in this study, pointing out how they relate and 
compare. An effort was made to summarise the most classical features of traditional PHAs, DPMs, 
and SEMs in Table 3. The distributed plasticity models are further subdivided into displacement-based 
(DB) and force-based (FB) approaches, since these two beam-column element formulations 
correspond to fundamentally distinct finite element formulations that yield different results and hence 
require specific interpretations (Table 4). A solid understanding of the information in the tables below, 
which should be self-explicative, enables more insightful interpretations of the numerical results and 
critical comparisons between the approaches. A few pertinent notes follow. 

The first short remark relates to the classical plastic hinge analysis (PHA). It was developed for hand 
calculations in the mid-20th Century. A computational counterpart appeared later on: it is the category 
of beam-column finite elements that are commonly referred to as lumped (or concentrated) plasticity 
models (LPMs), wherein a flexural hinge representing the inelastic behaviour is assigned to each 
extremity of the element. To underline their common root, the ‘plastic hinge analysis’ and ‘lumped 
plasticity models’ are described together in the first row of Table 3 but the points in which they differ 
are explicitly indicated by referring to the acronyms ‘PHA’ and ‘LPMs’. 

Secondly, it is highlighted that there is a multitude of modelling approaches spanning between the 
categories pointed out in the tables below. Although it is not possible to address herein all such hybrid 
proposals, they inevitably share some of the advantages and limitations of the enveloping approaches. 
Furthermore, the whole spectrum of mathematical models should be looked upon as being composed 
of complementary—rather than alternative—tools, as there is not an optimal approach as such. For 
example, in the absence of detailed knowledge about a member or a structure, the most judicious 
decision is arguably to carry out simple PHA to obtain estimates of possible bounds of the inelastic 
response; setting up a refined finite element model will most likely ask for unknown (and therefore 
questionable) assumptions on geometry, detailing, or mechanical characteristics, and the resulting 
‘detailed’ outcome will be as trustworthy as the ‘unrefined’ plastic hinge output. A similar type of 
rationale can also be found in current assessment codes (EN1998-3, 2005). 

The third group of observations addresses important issues regarding the different levels of analysis. 
The inner one, for any modelling approach for the inelastic behaviour of structures, corresponds to the 
material constitutive relations. The next level in the hierarchy of analysis is the sectional level (herein 
considered as a local level as well), which is shared by both the PHAs and the DPMs. However, PHA 
requires a simplified approximation for the moment-curvature relation, traditionally in a bilinear form, 
whilst DPMs take into account the complete sectional response, considering additionally the explicit 
and load-dependent interaction between the axial force and the bending moment(s). Another 
fundamental difference between the two modelling approaches—which again emphasizes the 
approximate character of the plastic hinge models—lays in the link between the local and the global 
levels of analysis: 

- Plastic Hinge Analysis. After over half a century of proposals on mathematical models for this 
modelling technique, a universally accepted methodology for PHA has not yet been agreed 
upon. For a review on the history of PHA models the reader is referred to Hines (Hines, 2002). 
It is acknowledged that the top lateral displacement of a RC cantilever wall is comprised of 
flexural, shear and slip displacements. In classical plastic hinge analysis—mainly directed to 
the analysis of members with large shear span ratios—shear and slip displacements are often 
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neglected4. The remaining total flexural displacement is composed of yield and plastic 
components, which are computed based on assumed curvature profiles along the member 
height. They have been the subject of different proposals [37], which produce distinct 
estimates of both yield and plastic displacements. Such differences are mainly related to: (i) 
the fact that the assumed curvature profiles account differently for the influence of tensile 
strain penetration and the spread of plasticity caused by the presence of diagonal cracks 
(tension shift), and (ii) the mathematical hypotheses to compute the plastic displacements: 
although PHAs are based on assuming constant inelastic curvatures over an equivalent plastic 
hinge length Lp, some approaches consider the centre of this plastic rotation at midheight of 
the plastic hinge (Paulay & Priestley, 1992), while others assume it at the member end 
(Priestley et al., 2007). 
However, the most critical parameter in the link between the sectional level (i.e., yield and 
ultimate moments and curvatures) and the global level of analysis (i.e., yield and ultimate top 
lateral displacements of the member) in PHA is the formula for the equivalent plastic hinge 
length. It should be apparent, from the discussion above, that Lp: (i) is a fictitious pseudo-
empirical length from which the plastic displacements can be computed, calibrated to match 
the results of a selected data pool of experimental tests, and (ii) depends on the hypotheses of 
the PHA model, in particular the assumed curvature profile, deformation mechanisms 
considered, type of material and members forming the data pool (beams, columns, walls), etc. 
(iii) plastic hinge length, strain limits and PHA formulations should only be used in 
combinations that were calibrated against experimental results. Unfortunately, applications on 
earthquake engineering often tend to employ indistinctly the many existing formulae for Lp, 
without regards for the corresponding assumptions of the mathematical model. This is 
currently one of the main problems associated with this modelling approach.  
Terminological misuses have however seen other regrettable developments. In fact, the very 
large number of proposals for the equivalent plastic hinge length (Arbulu, 2006) has led many 
authors to simplify the term to ‘plastic hinge length’. The elimination of an explicit reference 
to the equivalent character of Lp—as established above, it is a fictitious (conventional) 
quantity—has opened the doors to additionally mixing it up with the concept of real plastic 
hinge length (or, reworded for clarity: ‘length of the plastic hinge’). The absence of a 
universally accepted definition for the latter, as discussed further down, has further aggravated 
this flawed fusion of meanings. 
The previous status quo has constrained some researchers to consciously avoid altogether the 
term ‘plastic hinge length’ as a synonym of the real5 (physical) length of the plastic hinge. 
Alternative nomenclatures have therefore emerged, often related to flexure-controlled 
members: some authors mention a ‘length of plastification’ that represents the actual length 
over which the ‘real distribution of plastic curvatures’ extend (Fardis, 2009); others use the 
expression ‘critical region length’, defined as ‘the extent of the member region that needs to 
be confined effectively by transverse reinforcement so that the member can behave according 
to the performance level (in terms of flexural ductility) set by the designer’ (Pam & Ho, 2009); 
others, still, use the expression ‘severely damaged region’ (Bae & Bayrak, 2008), or opt for 
the even more general and less compromising designation of ‘characteristic length’, taken as 
the ‘physical size of the region into which the strain can localize and the dissipative softening 
effects take place’ (Almeida et al., 2012). 
It is noted that although an established definition for the real plastic hinge length is still 
missing, as mentioned above, it should reflect the damaged member region wherein spalling of 
concrete cover with penetration into the core region is observed, as well as local buckling or 

                                                      
4 Proposals for plastic hinge analyses wherein shear displacements are accounted for will be analysed in the 
present document; they can be useful to estimate wall behaviour. 
5 As opposed to equivalent. 
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yielding of longitudinal rebars, and/or yielding of transversal steel. The deterioration of 
nomenclature has consequences to engineering practice in design and assessment.  

- Distributed Plasticity Models. In this category of models it is not necessary to specify a value 
for the plastic hinge length to connect the local level of analysis to the global (element) level 
of analysis. This comes out as a consequence of the employed formulations (see Table 4 for 
details on the two main approaches), which allow the spread of inelasticity throughout several 
control sections along the member. Phenomena such as strain penetration or tension shift, 
which are in general indirectly accounted for in the equivalent plastic hinge length for PHAs, 
would have to be considered separately for distributed plasticity models but standard 
approaches are yet to be established. Shear and slip deformations also require ad hoc 
modelling techniques. 
However, DPMs are not exempt from the consideration of a quantity related to the formation 
of a plastic hinge. This is due to the occurrence of a numerical feature named localization, 
which occurs after the peak of the moment-curvature curve (in the controlling section wherein 
it is first attained), i.e. during the softening part of the response. In order to counteract this 
phenomena, a regularization method should be applied but is often not available in standard 
finite element codes. Regularization requires the specification of a regularization length 
(Almeida et al., 2012; Coleman & Spacone, 2001; Scott & Fenves, 2006), which should be the 
real plastic hinge length (or, as discussed above, the ‘length of plastification’, ‘critical region 
length’, ‘severely damaged region’, or ‘characteristic length’) and not the equivalent plastic 
hinge length. 

Finally, it is noted that the present work does not focus on nonlinear geometrical effects. Although 
they play a negligible role for the numerical examples addressed later, they have been explicitly 
considered in the analysis with distributed plasticity models and refined membrane models (Crisfield, 
1990; Wong et al., 2013). 
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Table 3. Overview of the main features of the modelling approaches under comparison. 

 

  
Flexural Deformation

Shear Deformation (and Flexure-
Shear Interaction)

Tension Shift
Anchorage Slip

(Strain Penetration)
P- Effects

PLASTIC HINGE
ANALYSIS (PHA) / 

LUMPED 
PLASTICITY 

MODELS (LPMs)

 From the considered modelling approaches, it is the 
crudest simulation technique.

  The accuracy of the results strongly depends on the 

formula for the equivalent plastic hinge length Lp .

  (PHA) Local EDPs (e.g., strains) should not be back-
calculated from the results of the analyses.

 (PHA) It can only capture the response of a member.

  (PHA) The method can be implemented in a spreadsheet 
(associated to a sectional analsis procedure to compute the 

moment-curvature).
 (LPMs) Computational time is small, allowing to carry 

out simple sensitivity studies.

 (PHA) The method is easily set up with the aid of a 
spreadsheet.

 Experience is required to choose L p  (PHA) and the 

moment-rotation envelope (LPMs).
  (LPMs) The selection of a set of rules for the hysteretic 

moment-rotation behaviour is not straightforward.

 It is considered lumped at a 
pre-defined plastic hinge 

location.

  There are several proposals to 
account for shear deformations in 

PHA, but the limitations of the base 
assumptions of this method prove in 

general to be an obstacle to 
increased accuracy.

  Similar difficulties are found with 
LPMs.

 (LPMs) They 
can be accounted 

for in the FE 
formulation.

 (PHA) Usually, 
they are not 
considered.

DISTRIBUTED
PLASTICITY 

MODELS (DPMs)

 It is possible to use local EDPs (e.g., strain demands in 
specific fibres) from the analyses.

 In general, it provides satisfactory results for members 
behaving mainly in flexure.

 For structures composed of many elements and a large 
number of fibres per section, computing time can increase 

considerably for nonlinear dynamic time-histories. Pushover 
analyses are however generally fast.

 Hysteretic behaviour is implicitly defined at the uniaxial 
material stress-strain level.

 The definition of the integration scheme and number of 
integration sections requires expertise (type of formulation, 

localization issues, etc).

 DPMs capture flexural 
deformation and its spread 

along an assumed number of 
integration sections along the 

element (see Table 2-2).

 It is a topic of active research. It 
typically implies moving from the 
framework of Euler-Bernoulli to 
Timoshenko beam theory, which 

complicates the development of the 
model (and the requirements for 
material constitutive relations).

 It is not 
considered in the 

model. Some 
authors try to 

indirectly simulate it 
with DB elements 
(see Table 2-2) of 
calibrated length. 

 Requires explicit 
(separate) modelling, 

e.g. with a 'zero-
length' element.

  They can be 
accounted for in 

the FE 
formulation.

SHELL ELEMENT 
MODELS (SEMs)

- If full knowledge on the member geometry, detailing, and 
material mechanical properties is available, SEMs provide 

the most refined simulation output.
- The details of the structural member along its height can 

be explicitly modelled, avoiding the need to 'lump' the 
behaviour of the member into integration sections (DPMs) 

or plastic hinges (PHA / LPMs).

  This modelling technique imposes by far the largest 
computational burden, hence it is suitable for research 

purposes (or very specialized engineering applications).

 Setting up the model can be time-consuming, especially if 
the geometry, detailing, or material properties are non-

uniform.
  The computational cost of the analyses, alongside the 

model set-up, usually limit the simulation to a single member 
or a very small number of elements and load cases.

 Requires explicit 
(separate) modelling. 

There is little 
available guidance on 

how to simulate it 
reliably.

  They can be 
accounted for in 

the FE 
formulation.

CONSTITUTIVE RELATIONS
(LOCAL LEVEL)

SECTIONAL RESPONSE
(LOCAL LEVEL)

ELEMENT RESPONSE
(GLOBAL LEVEL)

PLASTIC HINGE
ANALYSES (PHA) / 

LUMPED 
PLASTICITY 

MODELS (LPMs)

 (PHA) It uses an approximation (typically bilinear) of the 
original moment-curvature curve for a particular value of N 

(recommended to be obtained from an elastic analysis 
under gravity loading).

 It does not account for the bending moment -(varying) 
axial force interaction.

 Assumes that plasticity concentrates in the element ends. 
This hypothesis is typically valid for walls and columns, 

while it may be unsuitable for beams and girders: gravity 
loads may shift the plastic hinges away from member ends. 
 (PHA) Results are highly dependent on the accuracy of 

the formula for the equivalent plastic hinge length L p .

  If a bilinear approximation of the moment-curvature 
relation is used (assuming a positive post-yield slope), it is 

not possible to model the softening branch of the response. 
This is the case of classical PHA, and in general also the 

case of LPMs.

DISTRIBUTED
PLASTICITY 

MODELS (DPMs)

 No approximation is required for the moment-curvature 
curve.

 Bending moment-(varying) axial force interaction is 
directly modelled. This is usually not fundamental for beams 

or girders, which have a small level of axial force. 
However, if the overturning moment in the structure is 

significant, the axial force in the columns can vary 
considerably and therefore the interaction may  become 

very relevant.

 The response is highly dependent on the finite element 
formulation. Shortly, two main types of approaches exist: 

displacement-based and force-based (see Table 2-2). 
Expertise is required to select sensible discretization 

options.

SHELL ELEMENT 
MODELS (SEMs)

2D / 3D Material Laws
 They are the most accurate ones, as they reflect the 

'real' behaviour of the material.
 Due to the complexity of these constitutive laws, it is not 
always easy to interpret the results and debug inaccurate or 

unexpected output.

 Such level does not exist, which simplifies the connection 
to the level of element response.

  Quantities that are familiar to the engineer, such as 
bending moment and curvature, do not exist; the latter, 

which can be required for design computations, can only be 
(approximately) obtained through post-processing 

operations.

 Membrane or shell finite elements are relatively easy to 
understand by the engineer, especially if simple 

formulations are employed (which is typically the case, e.g. 
elements with a reduced number of nodes).

1D Material Laws
 The models are easier to understand, interpret, and 

validate than evolved 2D/3D constitutive laws.
 (DPMs) Hysteretic behaviour is implicitly defined at the 

uniaxial material strain-stress level.
 (LPMs) Lumped plasticity models may include hysteretic 
rules for the hinge behaviour, which can account for many 
physical phenomena (e.g. cyclic degradation in stiffness 
and strength, pinching under reversal, etc). However, the 

choice a priori  of the most suitable model is far from 
straightforward.

 2D and 3D features of the concrete behaviour cannot be 
directly simulated, such as confinement, compression 

softening, lateral expansion, etc.

 DPMs do not require non-local parameters to simulate the pre-
peak branch of the member behaviour, since inelasticity can 

spread along the integration sections of the element.

  The post-peak response is however dependent on the 

discretization options assumed for the member. In such phase it is 
fundamental to try to relate them to the physical characteristics of 

the development of a plastic hinge (see next column).

 Like DPMs, SEMs do not require non-local parameters to 
simulate the pre-peak branch of the member behaviour.

   Again similarly to DPMs, the post-peak response depends on 
the assumed FE discretization. A connection with the real spread 

of damage along the member is therefore required (see next 
column).

 (PHA) Classical plastic hinge analyses do not show 
localization issues, but neither do they capture the post-peak 

member response.
 (LPMs) Localization occurs if a trilinear approximation of 

the moment-curvature relation with a softening branch is 
defined for the plastic hinge.

NUMERICAL LOCALIZATION ISSUES

MODELLING OF PHYSICAL PHENOMENA

CONSIDERATION OF THE DEVELOPMENT OF A 
PLASTIC HINGE

 (PHA) It is reflected by the equivalent plastic hinge length L p : 

this parameter does not stand for itself, it is associated to the 
specific set of hypotheses of the particular PHA in use (assumed 

curvature profile, deformation mechanisms considered, etc).

 (PHA) Existing formulae for L p  were calibrated to produce 

matching predictions of experimentally measured ultimate 
displacements; therefore they are not, in theory, applicable to 

predict the full member response.
 (LPMs) The same dependance on the equivalent plastic hinge 
length can be found, either directly or indirectly via the definition 

of the moment-rotation relation.

  During the post-peak (softening) response, a regularization 
technique is required to counteract localization issues. It 

should make use of an expression for the real  plastic hinge 
length (not to be confused with the equivalent plastic hinge 

length L p , see discussion in the text).

  The occurrence of localization in SEMs is a numerical 
issue that can be tentatively regularized by one of the 

available methods. Unfortunately, such techniques are often 
not included in FE software and there are few validations of 
their application to the inelastic behaviour of RC members. It 

can therefore be difficult to control these effects.

 (PHA) These phenomena are indirectly 

accounted for in the expression for L p .

 (LPMs) It is often unclear if they are 
considered in the moment-rotation 

relations.

 Flexure, shear and flexure-shear interaction are directly accounted for at the level of 
material constitutive relations. Refining the mesh of finite elements in the 2 (or 3) 

dimensions improves the quality of the results, allowing for an explicit modelling of the 
effect of tension shift, which can be important in RC walls.

MODELLING 
APPROACH

ACCURACY COMPUTATIONAL COST
EASE OF USE

(SETTING UP MODEL)

LEVELS OF ANALYSIS
MODELLING 

APPROACH (cont.)
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Table 4. Simplified comparative overview on displacement-based vs force-based formulations. 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

 

3.2.1. Shear Deformation 

As stated before, shear deformations in wall-type structures can be a significant portion of the total 
deformation and thus should in general be modelled. A review of results from quasi-static cyclic tests 
on RC walls showed that the ratio of shear to flexural deformation remains approximately constant if 
the wall is deforming in flexure and increases if the wall is deforming in shear (Beyer et al., 2011). For 
walls subjected to in-plane loading that failed in flexure and had shear span ratios larger than 2.0, the 
ratio of shear to flexural deformations determined from experimental results varied between 5 and 
40% and depended mainly on the ratio of compression zone depth to wall length and the shear span 
ratio (Beyer et al., 2011). The rule-of-thumb Ls/h>3 is useful to select members wherein the impact of 
shear deformations on local and global EDPs will be small and can therefore be neglected (Priestley et 
al., 2007). If the ratio of shear to flexural displacements is less than approximately 10%, its effect on 
EDPs in statically determined systems is typically small. Note, however, that the shear flexibility can 
influence the force distribution in statically indetermined systems even if the shear flexibility is low 
(Beyer et al., 2008, 2014). Shear deformations, as well as shear-flexure interaction, can be accounted 
for in different ways depending on the chosen modelling approach (Lodhi & Sezen, 2012). Hereinafter 
they are briefly discussed for PHA, DPMs, and SEMs. 

Three well-known methods of PHA accounting for shear deformations available in the literature are 
now addressed. They are based on the observation that the shear to flexural deformation ratio (∆௦/∆௙) 
of flexure-dominated walls is roughly constant in the inelastic phase of the response (Dazio et al., 
2009). A first proposal for the evaluation of the abovementioned ratio was made by Hines et al. (Hines 
et al., 2004), as a function of the shear span ratio, the crack angle, and a correction factor accounting 
for the increase in shear deformations due to poor transversal reinforcement or thin webs. More 
recently, Priestley et al. (Priestley et al., 2007), based on the work of Miranda et al. (Miranda et al., 
2005), suggested a method that takes into account three different stages of the response: (i) prior to 

DISTRIBUTED 
PLASTICITY 

MODELS
DISPLACEMENT-BASED FORMULATION (DB) FORCE-BASED FORMULATION (FB)

HYPOTHESES

 Assumed displacement field along the element: cubic Hermitian polynomials for 
the transverse displacement field and linear Lagrangian interpolation functions for 

the axial displacement  Linear curvature and constant axial strain (at the 
reference axis) along the element.

 The force field is obtained through an exact solution of the differential equations 
of equilibrium. E.g., for nodal loading it corresponds to a linear Lagrangian shape 
function for the bending moment and a constant approximating polynomial for the 

axial force along the element.

FINITE ELEMENT 
IMPLEMENTATION

  Straightforward state determination algorithm, corresponding to classical finite 
element implementation (no iterative routines are involved).

  The inter-element continuity of displacements is more difficult to enforce, 
requiring an iterative solution algorithm based on the transference of residual 

deformations from the section level to the element level. Actually, both residual 
displacements (at the section and at the element level) can be accepted,which 

further skips the need for iterations during the element-section state determination.

ACCURACY

  DB elements only provide the exact solution for the problem of an element with 
linear elastic material subjected to nodal forces. Linear curvature and constant axial 

strain at the reference axis along the element are unsatisfactory for nonlinear 
analysis and/or members subjected to span loads.

  Equilibrium is only verified in average, which leads to a number of critical issues: 
unrealistic variations of axial force between different integration sections of the 

element, inaccurate sectional response, etc.
  ‘Artificial’ consideration of span loads.

  FB elements always provide the exact solution for frame problems since the 
corresponding interpolation functions satisfy the beam equilibrium equations exactly 

(i.e., in a strict sense), irrespective of the material constitutive behavior (even if 
highly nonlinear), which explains the formulation appropriateness for nonlinear 

analysis.
  Direct (exact) consideration of the effects of span loads.

APPLICATIONS

  DB elements are still widely used because: (i) many FE software are still based 
on this approach, (ii) curvature and strain demands in the sections are generally 
smaller than with exact FB elements, which is sometimes convenient, (iii) some 

authors use it to indirectly simulate other physical phenomena such as tension shift.

 It provides a stiffer and stronger prediction of the objective ('exact') response.
  Meshing of the member into several elements is required to capture the nonlinear 

structural response or the behaviour of members subjected to span loads.

  No meshing is theoretically required, i.e. only a single FE is required to model 
each structural member.

 It provides a more flexible prediction of the objective ('exact') response.

 The analyst should evaluate whether, in order to build a proper mass matrix for 
dynamic loadings, more than one element should be used. 

LOCALIZATION
 Localization can occur in all the integration sections of the element.

In such a case, the length of the most strained member corresponds to the real 
plastic hinge length, which can be used as a regularization criterion.

 Localization takes place in only one integration section (the one where the 
demand is higher). There are a few regularization techniques available to obtain 
objective results, which require the specification of the real  plastic hinge length.



Seismic behaviour of existing RC buildings with thin walls 

39 

shear cracking, elastic shear stiffness is proportional to the reduction in flexural stiffness; (ii) in-
between shear cracking and the attainment of the nominal flexural strength, shear stiffness is 
computed according to the strut and tie model proposed by Park and Paulay (Park & Paulay, 1975); 
(iii) in the inelastic range, the ratio ∆௦/∆௙ is assumed to be constant. Finally, the equation proposed by 

Beyer et al. (Beyer et al., 2011) indicated in section 3.3.1, to compute the ratio ∆௦/∆௙, accounts for the 
curvature demand, crack angle, shear span, and the novel additional influence of the mean axial strain 
in the shear deformations. The latter is the method adopted in the present study. Several LPMs, as 
finite element counterparts of PHA, can obviously also account for shear deformation and flexure-
shear interaction through similar or alternative assumptions (Lodhi & Sezen, 2012; Xu & Zhang, 
2011; Zhang, Xu, & Tang, 2011). 

For DPMs, the consideration of shear deformation requires an extension of the classical Euler-
Bernoulli beam theory hypothesis, i.e. plane sections can no longer be assumed perpendicular to the 
deformed beam axis. Hence, a Timoshenko framework is generally considered, either associated to a 
displacement-based formulation (Ceresa et al., 2009; Guedes & Pinto, 1997; Mazars et al., 2006; 
Navarro Gregori, Miguel Sosa, Fernández Prada, & Filippou, 2007) or a force-based approach (Marini 
& Spacone, 2007; Petrangeli, 1996; Remino, 2004). Timoshenko hypothesis implies a constant shear 
strain profile throughout the section. However, other more advanced shear strain profiles have also 
been considered in the literature, for instance parabolic patterns which satisfy equilibrium during 
elastic behaviour (Petrangeli et al., 1999). Additionally, coupling between shear and flexural 
deformation mechanisms was also modelled in a simplified way with displacement-based (Martinelli, 
2002) and force-based element approaches (Mergos & Beyer, 2013; Ranzo & Petrangeli, 1998). 
Unfortunately, the previous proposals for coupling shear and flexural deformations are not readily 
available in existing structural analysis software and thence they were not considered in the present 
study. 

In SEMs, the shear deformation is directly accounted for by the membrane element formulation, which 
requires a bidimensional or tridimensional constitutive model. In the application example, simulated 
with VecTor2 (Wong et al., 2014), a plane stress rectangle is used in association with the Modified 
Compression Field Theory (Vecchio & Collins, 1986) and the Disturbed Stress Field Theory 
(Vecchio, 2000). 

 

3.2.2. Accounting for Confinement in Different Approaches 

The effect of active and passive confinement of concrete has raised the interest of researchers since the 
1920s (Richart, Brandtzaeg, & Brown, 1928). Confinement increases the strength and the deformation 
capacity of concrete. However, it also plays a role in other phenomena such as the brittle-to-ductile 
transition under confinement (Imran & Pantazopoulou, 1997). The way to account for confinement 
effects depends on the framework wherein the concrete constitutive model is developed: nonlinear 
elasticity, plasticity theory, damage theory, fracture mechanics, etc. Therefore, the three modelling 
approaches employed in this study (PHA, DPMs, SEMs) ask for distinct considerations. 

The computation of the sectional response in PHAs and DPMs requires the cross-sectional integration 
of uniaxial stress-strain curves defined for each concrete fibre. Those relations are adjusted through 
confinement models, which typically use a coefficient to compute the compressive strength of 
confined concrete f’cc from the specified cylinder strength f’c. That coefficient depends on the passive 
confinement produced by the reaction of the transverse reinforcement to the lateral expansion of the 
concrete. A distinct coefficient, also function of the confining stresses, allows obtaining the confined 
concrete strain at maximum strength cc from its unconfined counterpart c.  
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Many uniaxial concrete models assume that such confining stresses (and strains) are similar in the two 
lateral directions (Samani & Attard, 2012). However, indications are often missing on how to derive 
this uniform lateral pressure for the case of RC members such as walls. Other proposals, where 
confining stresses are also assumed to be identical in both directions, do however provide explicit 
recommendations in that regard, e.g., the one proposed by Cusson and Paultre (Cusson & Paultre, 
1995). The renowned model by Mander et al. (Mander et al., 1988) considers the possibility of having 
different confining stresses in the two lateral directions, and indicates how to compute them for RC 
members. The failure surface described by Willam and Warnke (Willam & Warnke, 1974) is then 
used to obtain f’cc. The corresponding strain is obtained following the indications of Richart et al. 
(Richart et al., 1928). This model is of more straightforward application than the model by Cusson and 
Paultre (Cusson & Paultre, 1995), and will thus be adopted for the case study. 

It is noted that the simpler form of the model by Mander et al. (Mander et al., 1988) is mainly related 
to the assumption that the lateral confining pressure is developed from equilibrium with transverse 
reinforcement at yield. Such hypothesis is not considered in the work by Cusson and Paultre (Cusson 
& Paultre, 1995), who use an iterative approach to compute the stress in the transverse reinforcement 
at the peak concrete strength. The introduction of the previous adjustments were based on the findings 
by Cusson and Paultre (Cusson & Paultre, 1994), who showed that the yield strength may not be 
reached with low confinement or when transverse reinforcement is made of high-strength steel. A 
more recent improvement of the model, made by Légeron and Paultre (Légeron & Paultre, 2003), 
proposes a direct procedure to compute the transverse reinforcement stress and consequently the 
equivalent confinement pressure. 

The concrete models that provide direct applications to RC behaviour make use, in general, of a 
geometrical effectiveness coefficient of confinement. Originally developed by Sheikh and Uzumeri 
(Sheikh & Uzumeri, 1982), it reflects the effectiveness of the transverse reinforcement in confining the 
concrete and accounts for the fact that the maximum lateral pressure due to transverse reinforcement is 
not uniformly applied throughout the volume of the concrete core. Midway between the layers of 
transverse reinforcement, the area of effectively confined concrete is minimal due to arching action 
and can be computed from the spacing and tie configuration. 

3.2.3. Lap-Splices 

In order to facilitate building construction, lap splices in RC walls were based just above the 
foundation, i.e., in the region that undergoes the largest plastic deformations. The underlying rationale 
for the use of this technique is that the force can be transferred from one bar to another via the 
concrete surrounding the bars. However, if the length of such lap-splice is small, failure may take 
place when the member is subjected to horizontal loads. Under monotonic loading, the lap splice 
might fail due to cracking of the concrete under tension. Under cyclic loading, the concrete 
surrounding the bars is subjected to alternating compression and tension. Under such loading 
conditions the lap splice failure might also be initiated due to vertical splitting cracks that develop 
when the wall end is in compression. Upon load reversal the concrete may no longer be able to resist 
the horizontal tensile stresses that would be required to transfer the tensile loads from one bar to 
another. This compression failure of the lap splice often occurs after the onset of yielding of the wall. 
Hence, the wall is often capable of developing its full moment resistance but the deformation capacity 
of the wall can be significantly reduced when compared to walls without lap splices at the wall base.  
 

Modelling the lap splice behaviour directly is very challenging as it requires the explicit modelling of 
the bars and non-perfect bond laws. Literature review shows that it has only been successfully 
achieved in very few cases, wherein the authors make use of very specific models that are not 
available in advanced structural analysis software for engineering practice. Besides, the lack of general 
recommendations for modelling purposes is worrisome. For this reason, lap splices are typically not 
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included in wall models but the effect of their presence is accounted for by reducing the failure strain 
limits. Such an approach is outlined in section 3.3.3. 

3.3. Comparison of Numerical Simulations to Experimental Results 

3.3.1. Modelling Approaches 

Within the scope of the present work, it is noted that only the SEMs accurately account for shear 
deformations. These models will be used as benchmark to assess the extent to which pure flexural 
models, such as beam elements based on the Euler-Bernoulli hypothesis, can capture responses that 
have non-negligible shear deformations. It should be underlined that the authors not only wish to 
validate the results of different modelling approaches against experimental results, but also to evaluate 
and interpret the scatter of the response provided by distinct state-of-the-practice simulation methods 
that build on the same (or as-close-as-possible) input parameters, constitutive relations, confinement 
models, etc. Still, for each simulation technique there is a large number of non-obvious modelling 
choices (mesh discretization, certain parameters in the material models, confinement definition, etc.) 
that affect the outcome of the inelastic analyses. Furthermore, there is also typically a significant level 
of uncertainty associated to several geometrical characteristics, material properties, or reinforcement 
details of the RC specimen. The two facts above combined make it generally possible to justify 
combinations of these modelling degrees of freedom that show a versatile, at times surprising, ability 
to match selected experimental results. 

Three different modelling techniques are used to simulate the response of the wall described in the 
previous section. As indicated in Table 3, they rank in ascending order of complexity as follows: 
plastic hinge analyses (PHAs), distributed plasticity models (DPMs) and shell element models 
(SEMs). The specificities of each model employed in the analyses are thoroughly described in the 
following paragraphs. 

Two plastic hinge models were considered. The first, which does not account for shear deformations, 
is based on the flexural PHA formulation proposed by Priestley et al. (Priestley et al., 2007), with the 
adaptations therein suggested for wall-type structures. The equivalent plastic hinge length is expressed 
as: 

௣ܮ  = ௦ܮ݇ + 0.2ℎ + ௦௣ܮ ≥ ௦௣ (1)ܮ2

where k is a factor accounting for the spread of plasticity due to strain hardening of the reinforcement, 
Ls is the shear span (distance from the point of contraflexure to the critical section of the member), 
0.2h is an additional term accounting for the effect that tension shift plays on walls, and Lsp is the 
strain penetration length which is given by: 

௦௣ܮ  = 0.22 ௬݂௟݀௕௟ (2)

with fyl and dbl being the yield strength and diameter of the longitudinal reinforcement. The ultimate 
flexural displacement is the sum of the yield and plastic flexural displacements: 

 ∆௨= ∆௬௙ + ∆௣௙= ∅௬3 ൫ܮ௦ + ௦௣൯ଶܮ + (∅௨ − ∅௬) ௣ܮ ቀܮ௦ − ൫0.5ܮ௣ − ௦௣൯ቁ (3)ܮ

The yield and ultimate curvatures were obtained from the bilinear idealization of the moment-
curvature curve. The sectional analysis was performed with the open source software OpenSees 
(OpenSees, 2013)—herein labelled as ‘OS’—discretising the section into 200 fibers. Cover and core 
concrete were modelled using the library uniaxial material ‘Concrete 04’, which is based on the model 
proposed by Popovics (Popovics, 1973). The mechanical properties of the core concrete were 
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determined according to Mander et al. (Mander et al., 1988) with a geometrical effectiveness 
coefficient of confinement Ce=0.5, as recommended by Priestley et al. (Priestley et al., 2007) for wall-
type elements. The concrete parameters used in the models can be found in Table 5. The Dodd 
Restrepo model was used for the reinforcement bars because, as shown in Figure 39(c), it represented 
the solution that best fitted the experimental data (Table 6). Rebar buckling was not considered in the 
model. 

The second PHA model, which accounts for shear deformation, was the one developed by Beyer et al. 
(Beyer et al., 2011). In this model, the total deformation is computed as the flexural deformation times 
the ratio of shear to flexural deformations: 

 ∆௨= ൫∆௬௙ + ∆௣௙൯ ቆ1 + ∆௦∆௙ቇ (4)

The ratio of shear-to-flexural deformation can be estimated as: 

 
∆௦∆௙ = 1.5 ߠ݊ܽݐ߶௟ߝ ௦ܮ1  (5)

where l is the longitudinal strain along the centroidal axis of the wall, Ls is the shear span, ϕ is the 
curvature demand. l and  are derived from moment-curvature analysis for a maximum steel strain of 
1.5%. θ is the crack angle at the top of the fan-like mechanism which, according to Hagsten et al. 
(Hagsten, Hestbech, & Fisker, 2011) and used by Hannewald (Hannewald, 2013), can be expressed in 
function of the reinforcement ratios: 

ߠ  = ݊ܽݐܿݎܽ ቌඨߩ௩ + ݇ாߩ௛ߩ௩ߩ௛ + ݇ாߩ௛ߩ௩ర ቍ (6)

in which kE is the ratio between the steel and the concrete elasticity moduli, while ρv and ρh are the 
geometrical reinforcement contents in the vertical and horizontal direction. 

For the distributed plasticity models (DPMs), three distinct modelling options were considered to 
simulate the behaviour of the cantilever wall. They differed with regard to the beam element 
formulation (displacement-based vs. force-based, see Table 4), mesh discretization, and numerical 
integration scheme; their features are summarized in Table 7 and shown in Figure 38.  

As indicated in Table 4, force-based formulations verify exactly beam equilibrium. Therefore, only 
one element was assigned to model the structural member. Additionally, in order to simulate the 
concentration of inelasticity at the wall base, a Gauss-Lobatto quadrature is preferred to a Gauss-
Legendre quadrature since the former features an integration point at the element end and therefore at 
the wall base while the latter does not. During the pre-peak branch of the moment-curvature, the 
element response is a function of the numerical accuracy of the integration rule, and it has been shown 
that typically five integration points (IPs) are sufficient (Neuenhofer & Filippou, 1997). However, 
since the post-peak element response is highly dependent on the number of IPs, an additional scheme 
with nine IPs was also considered.  
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Table 5. Concrete properties used for modelling walls TW2 and TW3. 

TW2, UNCONFINED CONCRETE 

Model Mechanical Properties

Popovics-Mander f’c c Ec f’t

[MPa] [‰] [MPa] [MPa]

50.7 2 31750 2 

     

TW2, CONFINED CONCRETE 

Model Mechanical Properties 

Popovics-Mander f’cc cc Ecc f’ct

 [MPa] [‰] [MPa] [MPa]

 55 2.86 31750 2 

  

TW3, UNCONFINED CONCRETE 

Model Mechanical Properties 

Popovics-Mander f’c c Ec f’t

[MPa] [‰] [MPa] [MPa]

43.3 2 30200 2 

     

TW3, CONFINED CONCRETE 

Model Mechanical Properties 

Popovics-Mander f’cc cc Ecc f’ct

 [MPa] [‰] [MPa] [MPa]

 47.4 3 30200 2 

 

 

Table 6. Steel properties used for modelling walls TW2 and TW3. 

Model Mechanical Properties 

Dodd-Restrepo fy fu Es sy sh su 

 [MPa] [MPa] [MPa] [‰] [‰] [‰] 

465 620 200000 2.5 2.5 80 

 

 

Table 7. Description of Distributed Plasticity Models (DPMs) used in the analyses. 

Model Element type N° elements N° Integration Points Integration Rule 
OS-FB-5IP Force-Based 1 5 Gauss-Lobatto 
OS-FB-9IP Force-Based 1 9 Gauss-Lobatto 
OS-DB-PH* Displacement-Based 4 2 Gauss-Legendre 

                  * The length of the element close to the base corresponds to the equivalent plastic hinge length. 
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Figure 38. Employed modelling techniques for the simulation of the wall responses. 

On the other hand, the displacement-based model discretized the member in four elements, each one 
with two Gauss-Legendre IPs. The reasons for the choice of this discretization is linked to the 
displacement interpolation functions of the DB finite element and is based on the findings by 
Calabrese et al. (Calabrese et al., 2010). It is noted that the length of the bottom element was defined 
as the equivalent plastic hinge length Lp given by eq. (1). Following the discussion in section 3.2, it 
should be underlined that the real plastic hinge length should have been used instead of the equivalent 
plastic hinge length. Unfortunately, there are still relatively few expressions in the literature for the 
real plastic hinge length that have been sufficiently validated. 

The software used to carry out the analysis of the DPMs was OpenSees. The sectional discretization 
and the materials employed were the same described above regarding the moment-curvature analysis. 
Another goal of the study was to assess the differences between existing structural analysis packages 
that build on distinct uniaxial material models, as well as numerical implementations of finite element 
formulations and respective solutions. Therefore, the case of a FB element with 5 IPs was also 
analysed using the FE software SeismoStruct (SeismoSoft, 2013)—herein labelled as ‘SS’—giving 
rise to the model ‘SS-FB-5IP’. In both Seismostruct and OpenSees, the material model used to 
describe the concrete follows the constitutive relationship proposed by Popovics (Popovics, 1973). 
The model matching between the concrete models adopted in OpenSees and SeismoStruct is almost 
perfect, as shown in Figure 39 (a) and (b). On the other hand, it was not possible to find a steel 
constitutive law fitting properly the experimental results. Hence, the model by Menegotto and Pinto 
(Menegotto & Pinto, 1973) with the isotropic hardening rules proposed by Filippou et al. (Filippou, 
Popov, & Bertero, 1983) was employed, as depicted in Figure 39 (c).  

The shell element simulation was carried out with 2D membrane software VecTor2 (Wong et al., 
2014), designated as ‘V2’ in the figures, developed at the University of Toronto and based on the 
Modified Compression Field Theory (Vecchio & Collins, 1986). The structure is discretized by plane 
stress rectangles of RC material with smeared reinforcement (see Figure 38). The monotonic steel 
stress-strain curve is composed of three parts: an elastic branch, a yield plateau, and a nonlinear strain 
hardening phase until rupture. Besides the material properties, also the reinforcement ratios in the 
three directions of the reference system have to be given as input. They are reported in Table 1, both 
for the elements of the web and flange. The concrete constitutive law in the principal compressive 
direction follows the stress-strain relationship proposed by Popovics (Popovics, 1973) for normal 
strength concrete (as used in the OpenSees models). The cover concrete was not modelled because it 
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was shown not to be significant neither at the global nor at the local levels at the damage control limit 
state. Additionally, numerical accuracy concerns recommend aspect ratios below 3:2 for membrane 
mesh elements, which would require an extremely fine mesh for the concrete cover in the current wall.  

The base model implemented in VecTor2 considered confinement effects by assigning explicitly the 
same peak strength and associated strain indicated above for the sectional analyses. Automatic 
strength enhancement due to confinement was disregarded, as well as all the other material effects 
available in the software (such as compression softening, tension softening, tension stiffening, dilation, 
etc.). This choice relates to the purpose of comparing the scatter of the response provided by different 
modelling techniques. Hence, the authors were primarily interested in minimizing the potential for 
discrepancies arising from effects at the material level that cannot be equally reproduced by all the 
modelling approaches. For example, if a confinement model had been ascribed to VecTor2 analyses, 
the concrete stress-strain relation in each element would change during loading, creating an inevitable 
inconsistency with respect to DPMs and PHAs (which have pre-defined and constant values for the 
confined concrete parameters in all the concrete layers). 

 

 

Figure 39. Adopted material constitutive laws: (a) concrete, TW2; (b) concrete, TW3; (c) steel (numerical vs 
experimental). 
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3.3.2. Simulation Results as Provided by Different Modelling Approaches 

The shear force – drift curves of walls TW2 and TW2, as obtained for all models described in the 
previous section, are presented in Figure 40 and Figure 41. It is recalled that since the numerical 
models do not explicitly take into account bond-slip effects, they should only be applicable for 
comparison with the experimental results of wall TW2. As a matter of fact, it is clear that they capture 
in a much more satisfactory way the results of TW2, especially for positive values of drift. They seem 
to overestimate the member capacity (both in force and displacement) of wall TW3, which is partly 
related to the fact that its degradation is due to a physical phenomenon that is not taken into account 
by the models. This issue will be addressed in more detail in the following section. The comments of 
the next paragraphs are thus mainly directed towards Figure 40. 

As a first overview, it can be stated that a general good agreement amongst all the proposed models 
and the experimental results is found up to peak response. The scatter in the predicted lateral force 
capacity of the wall is within acceptable limits, and the stiffness evolution up to the peak strength is 
well captured, and quite similar for all models. The obvious exception are the PHA models, which—
due to the underlying bilinear moment-curvature assumption—exhibit a constant stiffness up to the 
yield point (see section 3.3.1). However, after the peak point, one can observe a relevant scatter of the 
predictions by the different modelling approaches, which is due to a numerical pathology named 
localization, wherein strains/curvatures concentrate at the bottom elements/cross-sections. It manifests 
even when similar models are considered, namely force-based elements; in particular, it is observed 
that the curves for OS with 5 and 9 IPs start diverging in the post-peak branch. This effect is in 
agreement with theoretical considerations (section 3.2). 

The DPMs using force-based (FB) elements appear to give better results than the one employing 
displacement-based (DB) elements. For force-based DPMs with one FB element and five IPs, the 
differences between the models in OpenSees (OS) and SeismoStruct (SS) can be imparted to the 
distinct steel constitutive laws; the SS lower-bound stress-strain relation, see Figure 39 (c), reflects in 
a lower-bound prediction of the associated force-displacement curves. 

For shear span ratios Ls/h <3, shear deformations are expected to play an increasing role in the 
member response (Priestley et al., 2007). In view of the ratio applied in the tests (Ls/h =1.17), shear 
deformations are therefore expected to be non-negligible and their effect on the global response of the 
walls becomes rather apparent: first off, the SEM capacity curve depicts an increased flexibility in 
relation to the results from DPMs. This is particularly evident for negative values of drift. 
Furthermore, the PHA accounting for shear displays a larger ultimate drift than the purely flexural 
PHA. It is observed that the latter—although arguably not applicable to the current walls due to their 
low shear span ratio—was included for comparative purposes against the PHA that accounts for shear. 
The figure also shows that the DB approach deviates from the remaining models, not only in terms of 
simulation of ductility but also in terms of lateral strength prediction. Such observation does not come 
as a surprise since DB formulations provide stiffer and stronger predictions of the actual member 
response due to the assumption of displacement interpolation functions (Table 4) (de Veubeke, 1965). 
An objective (‘exact’) response can only be obtained with a larger number of DB elements. In 
particular, it is advisable to adopt a small length for the elements wherein the member demand is 
higher. This condition is not met in the present case since the base element length corresponds to the 
equivalent plastic hinge length (as calculated for PHAs), which represents about 25% of the wall 
height. The remaining modelling techniques yield relatively similar predictions of the wall capacity 
and of the drift at peak strength. 
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Figure 40. Force-drift response for wall TW2: comparison between the experimental and the numerical response 

obtained with different modelling approaches. 

 
Figure 41. Force-drift response for wall TW3: comparison between the experimental and the numerical response 

obtained with different modelling approaches. 
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3.3.3. Modelling of Lap Splices for Wall TW3 

The ‘refined’ plastic hinge model proposed by Priestley et al. 2007 is employed for comparison with 
the experimental results of the wall TW3. In this approach, the strain penetration is only considered 
after flexural cracking and the deformation Δ after first yield is calculated from the difference in 
current and first yield curvature. Between cracking Δcr and first yield displacement Δy’, the 
deformation is then simply interpolated linearly. The equations on which the plastic hinge model 
builds on are reported hereafter: ∆௖௥= ∅௖௥ܮ௦ଶ 3⁄ ; ௖௥ܨ = ௖௥ܯ ⁄ܪ  (7)∆′௬ = ∅ᇱ௬൫ܮ௦ + ௦௣൯ଶܮ 3ൗ ; ௬ܨ = ௬ܯ ⁄ܪ  (8)

∆= ∆ᇱ௬ ெெ೤ +	൬∅ − ∅ᇱ௬ 	 ெெ೤൰ ௦ܮ௣ܮ ; ܨ = ܯ ⁄ܪ    with     ∅ < ∅௨ (9)

The three important values of curvatures determining the changes in the curve behaviour are 
established as follows:  

 Curvature at flexural cracking ϕcr: curvature corresponding to the first attainment of the 
concrete tensile strength in the extreme concrete fibres in tension; 

 Curvature at first yielding ϕy: curvature corresponding to the attainment of first yielding by the 
longitudinal reinforcement (εs= εsy) or to the attainment of a concrete compressive strain (εc= 
2‰), whichever occurs first, 

 Ultimate curvature ϕu: curvature corresponding to the ultimate condition. The tension and 
compression strain limits defining this situation are the steel strain corresponding to the onset 
of buckling (εs=0.6 εsu) and the concrete strain at crushing (εc=εcu according to Mander et 
al.1988). Whichever of the two leads to the smaller ultimate curvature is determing the 
curvature capacity ϕu.  

The moment curvature analysis was performed with the FE software Opensees and it is represented in 
Figure 42. The F-Δ curves obtained with this approach for both directions of loading are represented in 
Figure 43 with black dashed lines.  

In order to account for the presence of lap splicing at the base of the specimen TW3, which can result 
in a substantial reduction of both the strength and the displacement capacity of the structural member, 
the procedure proposed by Hannewald (2013) is employed. It consists in three distinct steps: first, the 
load bearing capacity of the splice is checked based on the tensile strength of the concrete or the 
confining reinforcement of the splice. Second, if the flexural strength of the section is not reduced due 
to a weak splice, it is assumed to degrade under cyclic loading once the compression strain causing 
microcracking of the concrete has been reached. It is argued that, when these cracks develop, the 
tension strength of the concrete and thus the capacity of the splice is reduced till a residual value. In a 
third step, this residual strength is computed from the residual sectional moment capacity Mr which is 
calculated from the maximum eccentricity of the normal force within the core concrete. The normal 
force is assumed to result in a stress block with width bc and length a=P/(0.85f’cbc). With this 
assumption, the residual moment and hence the residual force follows to be: 

௥ܨ  = ௦ܮ௥ܯ = ܲ ℎ௖ − ܽ2 ∙ ௦ (10)ܮ1
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It is important to note that the strain limits included in Step (2) were not calibrated to capture the 
crushing of the concrete at the height of the crack above the lap splice as it was observed for TW3 (see 
sections 2.3.2 and Error! Reference source not found.). These compression strain limits aim to 
capture the onset of the formation of vertical splitting cracks, which typically lead to a loss of the force 
capacity of the lap splice. For the crushing of the concrete at the height of the crack above the lap 
splice are not yet available. However, it will be shown that the compressive strain limits for lap splice 
failure lead to a good approximation of the displacement capacity for this type of failure mode.  

Step (1): Evaluation of the strength of lap splices 

The transfer of forces in a lap-splice is often described with two mechanisms: the bond mechanism 
transferring the force from one bar to the surrounding concrete and a truss mechanism transferring the 
load from one reinforcement bar to another through concrete and confining reinforcement. The 
concrete may in this case act as both strut (compression strength) and tie (tensile strength) while the 
transverse reinforcement provides a tie. The bond and truss mechanisms interact in a real structure, but 
models assume that one or the other controls the strength of the lap-splice. The strength of the lap-
splice is therefore either expressed in terms of the bond strength between reinforcement and concrete 
or in terms of the tensile strength of concrete. In the first case, the force capacity of a lap-splice is 
assumed equal to that of an embedded bar with the same length. In the second case, the maximum 
tensile force of a splice is assumed to be the force which is necessary to form a splitting crack around 
the splice.  

In the following paragraphs 3 different methods available in literature to evaluate the splice strength 
are illustrated. The obtained strength will be then compared with the maximum strength of the 
longitudinal reinforcement. In case the latter results bigger than the first, splice failure will be attained 
before the steel rupture and the steel stress strain law used for the moment curvature analysis will be 
accordingly reduced.  

In Priestley et al. (1996) the resistance of the splice is related to the tensile strength of concrete 
through the following equation: 

௕ܶ = ௕ܣ ௦݂ = ௖݂௧݈݌௦ (11)݌ = ௟ݏ0.5 + 2(݀௕௟ + ܿ) ≤ 2√2(ܿ + ݀௕௟) (12)

where Tb is the maximum possible force of a reinforcement bar, fct is concrete tensile strength, ls is the 
length of the lap-splice, sl the spacing of the longitudinal bars measured between the center lines, dbl 
the diameter of the longitudinal reinforcement bars and c the clear concrete cover of the longitudinal 
bars.  

A similar approach to determine the strength of a splice has been suggested by Canbay and Frosch ( 
2006). However, this model was not derived purely theoretically but validated against a wide 
experimental database containing 203 beams with unconfined splices and 278 beams with confined 
ones. The main equation providing the maximum allowable bar stress before bond failure is reported 
hereafter: 

௦݂ = ௦௣ܨ + (13) ߚ݊ܽݐ௦௕ܣ௦௧݊௕௟ܨ

where Fsp is the force corresponding to the formation of concrete splitting cracks, Fst takes into 
account the additional resistance provided by the presence of transverse reinforcement, nbl and Abl are 
respectively the number and the area of the splices and β is the angle between the radial splitting force 
and the axial force acting along the bar. For further information regarding the terms appearing in the 
above equation the reader should refer to the reference specified at the beginning of the paragraph. 
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A formulation based on the bond strength is proposed by Biskinis and Fardis (2010) to estimate the 
yield moment of a section with spliced reinforcement. Instead of using the yield strength of the 
reinforcement as limit, it is suggested to use the minimum value of yield and bond strength. To 
estimate the bond strength a formulation now included in the FIB model code (2012) is recommended: 

௦݂ = 54 ൬ ௖݂25൰଴.ଶହ ൬25݀௕௟൰଴.ଶ ൬ ݈௦݀௕௟൰଴.ହହ ቈ൬ܿ௠௜௡݀௕௟ ൰଴.ଷଷ ൬ܿ௠௔௫ܿ௠௜௡൰଴.ଵ + ݇௠ܭ௧௥቉ ቐ≤ ݇௕ඥ ௖݂4݈௦݀௕௟≤ ௬݂ 		 (14)

where cmin = min (cb, cso, csi) and cmax = max (cso, csi) are the minimum and maximum value of the 
concrete covers and distance between longitudinal bars, respectively; confinement conditions are 
considered with factors km and Ktr while the factor kb takes into account the conditions of bonding. 

The calculated bond strength computed with all the aforementioned methods, as well as the maximum 
strength of the longitudinal reinforcement, are listed in Table 8. 

As it can be seen, despite the scatter in the prediction of the maximum bond strength, in all cases the 
latter is largely higher than the ultimate steel strength. Therefore it was assumed that the presence of 
splices would not affect the maximum force capacity of the structural member. 

Step (2): Definition of strain limits for the onset of splice degradation 

As mentioned previously, the strength of a section with spliced bars might degrade once certain strains 
are exceeded in either tension or compression. Hence, the strain limit which defines the ultimate 
curvature of a section with a lap-splice should correspond to the strain at which splice failure initiates.  

Priestley et al. (1996) assumed this strain to be the concrete compression strain corresponding to peak 
stress, εc = 0.002, because at this strain microcracking of the concrete initiates. They suggested this 
strain limit regardless of any confinement. 

Hannewald (2013) observed that, in presence of confined concrete, the peak stress and the 
corresponding peak strain at which microcracking begins are inevitably larger than those for the 
unconfined case. Therefore it was proposed to assume the core concrete strain at peak stress εcc as 
strain limit for the onset of splice degradation. It is defined as: 

௖௖ߝ = ൭1 + 5 ൬ ௖݂௖௖݂ − 1൰൱ ௖ (15)ߝ

where fcc and fc are respectively the confined and unconfined concrete peak stress. The relation linking 
these two quantities can be found in Mander et al. (1988) as function of the effectiveness of the 
confinement which is taken into account by the following factor: ݇௖௢௡ = ൬1 − 2ܾ௖௢௡൰ݏ ൬1 − 2ℎ௖௢௡൰ݏ ቆ1 − ௟,௖ଶݏ∑ /6ܾ௖௢௡ℎ௖௢௡ቇ (16)

In the above equation s is the stirrup spacing, hcon and bcon are the dimensions of the confined core, all 
measured to the centerline of the stirrups, and sl,c is the distance between those longitudinal bars that 
are confined by stirrup corners or cross ties. Considering that the section right above the foundation is 
subjected to the highest bending moment and hence concrete crushing with subsequent splice failure 
may initiate right above the foundation, the confined concrete strength needs to be estimated for this 
section. To do so, the foundation was treated like a stirrup in the sense that the distance between the 
foundation and the first stirrup above was assumed as stirrup spacing s and used for the calculation of 
the reinforcement ratio. It was also assumed that all longitudinal bars are restrained against lateral 
movement by the foundation and can hence be used to evaluate the third term in the above equation 
for kcon. 
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Table 8. Bond strength vs ultimate steel strength. 

Approach fs [MPa] fy [MPa] 

Priestley et al. (1996) 900 620 
Canbay and Frosch ( 2006) 730 620 

Biskinis and Fardis (2010) 930 620 

 
Based on their database of experiments with spliced reinforcement, a relation expressing the ultimate 
deformation was also proposed by Biskinis and Fardis (2010) in terms of concrete compressive and 
steel tensile strains (obviously the first occurring amongst the 2 determinates the ultimate state). The 
latter was defined as a fraction of the limit strain for continuous bars under cyclic loading εsu,cyc 

(εsu,cyc=0.6 εsu): 
௦௨,௦ߝ  = ቆ1.2 ݈௦݈௦௨,௠௜௡ − 0.2ቇ ௦௨,௖௬௖ߝ ≥ ݈௦݈௦௨,௠௜௡  ௬ߝ

(17)

݈௦௨,௠௜௡ = ݀௕௟ ௬݂൬1.05 + 14.5 ൬1 − 0.5 ℎ௖௢௡൰ݏ ൬1 − 0.5 ௖௢௡൰ܾݏ ݊௥௘௦݊௕௟ ௩ߩ ௬݂௩௖݂ ൰ඥ ௖݂ 
(18)

 
where nres/nbl is the ratio of the number of restrained splices nres, which are placed in a stirrup corner or 
held by a cross tie, to the total number of splices nbl, s is the centerline spacing of the stirrups and hcon, 
bcon are the dimensions of the confined core defined by the center of the stirrups. The minimum splice 
length increases with increasing transverse reinforcement spacing, decreasing transverse reinforcement 
content and decreasing bond strength, expressed in terms of ඥ ௖݂. For the ultimate concrete 
compression strain εcu,cyc, the authors propose a formulation that accounts for the size of the area of the 
confined concrete under compression and the effectiveness of the confining reinforcement: 
௖௨,௖௬௖ߝ  = 0.0035 + ቆ ௖,௖௢௡ቇଷଶݔ1 + 0.4 ݇௖௢௡ߩ௩ ௬݂௩௖݂௖  

(19)

 

where xc,con is the depth of the neutral axis in the confined core in mm, ρv and fyv are respectively the 
reinforcement ratio and the yield strength of the confining bars. 
 
Similarly to what had been done for the strength limits, Table 9 lists the strain limits computed with 
the four equations illustrated above. The table also reports the curvatures corresponding to those strain 
limits ϕε for both direction of loading as well as the ultimate curvature ϕu evaluated through the plastic 
hinge method. The obtained curvatures representing the onset of splice degradation as well as the 
ultimate curvature from plastic hinge analysis are plotted in Figure 42. 

  



52 

 

Table 9. Strain limits and corresponding curvature limits. 

Approach ε [-] ϕε-DirA[m×10-3] ϕε-DirB[m×10-3] 
Priestley et al. (1996) εc=0.002 -4.70 17.65 
Hannewald ( 2013) εc=0.0035 -10.09 37.96 
Biskinis and Fardis (2010), concrete εc=0.007 -20.62 61.98 
Biskinis and Fardis (2010), steel εs=0.021 -9.04 8.34 
  ϕu-DirA= -20.56 ϕu-DirB= 18.7 

 
 

 

Figure 42. Moment-curvature analysis. 

Hannewald (2013) considers only compression failure. The results show that such a failure mode does 
not become critical for the positive loading direction,  when the flange is in compression since the 
curvature ϕε exceeds the ultimate value ϕu, which is obtained when the effect of the lap splice is 
neglected. Biskinis and Fardis (2013) predict for this direction a lap splice failure due to tensile 
cracking.  

For the negative loading direction, when the wall end without flange is in compression, Hannewald 
(2013) and Biskinis and Fardis (2010) lead to similar predictions of the curvature capacity while 
Priestley et al. (1996) lead to somewhat lower values. Biskinis and Fardis (2010) predict for this 
loading direction again a tensile failure.  
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Figure 43 shows the comparison between the experimental force-displacement results and the 
predictions obtained through the plastic hinge model—3 points method—illustrated at the beginning 
of this section. As expected from step 1, no strength degradation occurs and the wall in both directions 
is able to attain its maximum force capacity. For what regards the strain limits, those proposed by 
Biskinis and Fardis (2010) seem to provide a better estimate of the loss in member bearing capacity 
due to lap splice failure, as depicted by the experimental results. However, for both loading directions 
tensile failure is predicted. This leads to the conclusion that the compressive strain limit proposed by 
Biskinis and Fardis is overestimating the curvature capacity of lap splices of this type of walls. It is 
therefore recommended to replace the compressive strain limit by with c=0.002, which is the limit by 
Priestley et al. (1996). This limit is also included in SIA 269/8 (2014). The results underline that a 
compressive strain limit alone is not sufficient to capture the deformation capacity of walls with lap 
splice but that this limit must be complemented by a limit on the tensile strains.  

 

 

Figure 43. Comparison of experimental-numerical force-displacement curves for wall TW3, taking into account 
limits associated to lap splice failure. 
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4. RECOMMENDATIONS FOR THE SEISMIC ASSESSMENT OF RC WALL 

BUILDINGS WITH THIN RC WALLS 

The objective of this section is to summarise the main characteristics of RC walls as constructed in the 
period of 1950-1970 in Switzerland and their seismic behaviour. Further, modelling recommendations 
for buildings with such walls are formulated and possible intervention methods described, which can 
be applied if the seismic safety of such buildings proves insufficient. 

4.1. General Characteristics of RC Walls Constructed in 1950-1970 

Section 1.3 outlined the general characteristics of RC wall buildings constructed in the period of 1950-
1970 in Switzerland. For convenience they are summarised here: 

 Large number of walls (walls are often the common element for carrying horizontal and 
vertical loads). 

 Wall thickness of 15-20 cm; wall length often between 4-9 m. 

 Longitudinal and transverse reinforcement ratios between roughly 0.3-0.8%; 
reinforcement ratios in longitudinal and transverse direction are often similar.  

 Typical reinforcement detailing comprises uniformly distributed longitudinal 
reinforcement and transverse reinforcement placed on the inside of longitudinal bars. 

 Concrete covers often as low as 1 cm. 

 Lap splices at the wall base with a splice length of around 30-35 bar diameters.  

When compared with today’s construction practice in Switzerland (SIA, 2005), the buildings 
constructed in the period of 1950-1970 differ mostly with regards to:  

 Placement of transverse reinforcement on the inside of the longitudinal reinforcement 
rather than on the outside. 

 Lap splices with splice lengths of only about half the splice lengths required in current 
code if walls are designed according to non-ductile principles.  

 Lap splices unconfined and covered by only a thin concrete cover.  

 Wall thickness in some cases smaller than the required minimum wall thickness of 20 cm 
or a fifteenth of the storey height.  

The influence of these differences on the wall behaviour was investigated by the quasi-static cyclic 
tests documented in chapter 2. The tests showed that these characteristics influence the seismic 
behaviour as follows: 

 Placing the transverse reinforcement on the inside of the longitudinal reinforcement did not 
affect the behaviour noticeably with regard to the shear response. However, it might influence 
the behaviour of the lap splice indirectly in two ways. First, since the longitudinal 
reinforcement lies in the outmost layer, the cover up to the longitudinal bar is very low. This 
cover is essential for transferring the stresses between spliced bars. Second, the transverse 
reinforcement does not contribute to a confinement of the concrete in compression. Based on 
the test observations, it is possible that the second effect might have played a role and led to 
the premature crushing failure.  

 Some of the lap splices failed due to the alternating compressive and tensile strains  

 Some bars fractured in the crack just above the lap splice. Due to the double-reinforcement 
over the length of the lap splice, the deformations concentrate in two cracks. The first crack 
forms at the interface between foundation and wall and the second just above the lap splice. In 
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TW3, the crack width of the crack above the lap splice was significantly larger than the width 
of the crack below the lap splice.  

 Unconfined concrete at wall ends is prone to crushing. Just above the foundation the concrete 
is confined by the foundation. The wall is therefore most vulnerable to crushing about a wall 
thickness above the foundation. In walls with lap splices, the crushing tends to concentrate in 
the crack above the lap splice. Due to the opening and closing of the crack, this can be the 
result of in-plane offsets along the crack faces, which yielded a reduced compressive strength. 
It is also possible that slight out-of-plane rotations of concrete blocks reduced the contact area 
leading to premature crushing. 
 

4.2. Suitable Assessment Methods for RC Wall Buildings Constructed in 1950-1970 

For the analysis of RC wall buildings constructed between 1950-1970 in Switzerland, a two stage 
analysis approach is recommended: In a first stage, a linear elastic dynamic analysis is recommended 
using the response spectrum method (RSM, SIA 261, 2003). If the building does not pass the seismic 
assessment check, it should be assessed by means of the capacity spectrum method (CSM). The CSM 
is outlined in the new seismic assessment code for existing structures SIA 269/8 (2014), which is 
currently in the consultation phase and will be published presumably by the end of 2014. The SIA 
269/8 also provides the entire risk framework for the assessment of existing structures, which includes, 
for example, considerations with regard to the required compliance factor. These are not repeated here 
but the following discussion focuses on aspects that are specific to RC wall buildings constructed 
between 1950-1970.  

4.2.1. Force-Based Method 

It is generally recommended to use the RSM rather than the equivalent lateral force method for the 
analysis of RC wall buildings. The RSM accounts explicitly and in an analytically sound manner for 
higher mode effects and the effect of structural irregularities, which are often relevant for the building 
type discussed here. For buildings that are irregular in plan or elevation or have a first period longer 
than 2s, the equivalent lateral force method is not applicable.  

The RC walls in these buildings are not capacity designed. For this reason the analysis should be based 
on a force-reduction factor of q=2 (SIA 262, 2004). Note that the SIA 261 (2003) applies the force-
reduction factor to all modes while numerical analyses of inelastic systems have shown that it should 
be only applied to the first mode (Priestley et al., 2007). If higher modes are important and a shear 
critical behaviour feared, it is recommended to consider analysing the building for q=2.0 for the first 
mode and qe=1.5 for all other modes. This modified multi-modal superposition rule has been shown to 
yield better approximations of the nonlinear response than the current code provisions (Priestley et al., 
2007). 

4.2.2. Displacement-Based Method 

The displacement-based assessment can be carried out by means of the capacity spectrum method 
(CSM), which is described in SIA 269/8, or nonlinear time-history analysis (NTHA). The CSM 
appeals through its simplicity but in its original formulation it may not account for higher mode 
effects.  

SIA 269/8 requests that the shear force demand is computed by amplifying the shear force obtained 
from the pushover analysis by an amplification factor : Vୢ,୨ା = κ ∙ Vୢ,୨ (20) (
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where  is the amplification factor. Vd should be taken as the maximum shear force obtained from the 
pushover analysis up to failure of the wall j. SIA 269/8 recommends estimating the amplification 
factor according to SIA 262 (2004): κ = 0.9 + n10 ≤ 1.5 (21)

(1)

where n is the number of stories. This factor can only be a rather rough estimate of the actual shear 
amplification and might underestimate the influence of higher modes on the shear force demand. In 
case of particular irregular or high-rise buildings it is recommended to use either NTHA or account in 
a more advanced way for higher mode effects when using the CSM. Different research groups have 
proposed such modifications to the CSM. For the type of structures considered here, the approach 
proposed by Kreslin and Fajfar (2012) is recommended. 

 

4.3. Modelling of RC Wall Buildings Constructed 1950-1970 

4.3.1. Walls 

All RC walls should be included in the model. If unreinforced concrete walls are present, these should 
also be included since they can contribute significantly to the initial stiffness and strength of the 
building. Concerning the stiffness values assigned to the walls, the following recommendations are 
made. These recommendations are based on those in SIA 269/8 but are detailed here for RC wall 
buildings: 

a) Flexural stiffness of RC walls 

In general, during a seismic event, the walls of the first storey are subjected to extensive cracking of 
the concrete and possibly yielding of the reinforcement. For these wall elements, and when employing 
plastic hinge analysis, the flexural stiffness should correspond to the effective stiffness at the onset of 
yielding:  

 EIୣ୤୤,ଶ = M୷ϕ୷  (22)

 
where My is the nominal yield moment. The yield curvature y of a wall can be estimated as from the 
bilinear approximation of the moment-curvature relationship of the wall section. Alternatively, if the 
moment-curvature is not computed by means of a section analysis program, it can be estimated from 
the yield strain sy of the reinforcement and the wall length lw (Priestley et al., 2007): 
 ϕ୷ ≈ κεୱ୷l୵  (23)

 
For  the following values can be assumed (Priestley et al., 2007): rectangular wall section  =2.0; 
flanged walls  =1.5. If the structure remains largely elastic (i.e., it satisfies the flexural capacities for 
q=1.5), the first storey walls should be assigned flexural stiffnesses corresponding to the stiffness 
value proposed in SIA 269/8 for elements that remain elastic: 
 EIୣ୤୤,ଵ = EI୥୰୭ୱୱ + EIୣ୤୤,ଶ2  (24)

 

For the storeys above the first storey, the model should be based on EIeff,1.  
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b) Shear stiffness of RC walls 

The shear flexibility of the walls should in general be included in the model. The shear flexibility 
should be reduced to account for cracking of the concrete and yielding of the reinforcement. 
Modelling the shear flexibility of RC walls in beam element models poses several challenges. This 
section summarises the challenges related to modelling shear flexibility, which were discussed in 
detail in section 3.2.1.   

In routine analysis it is often assumed that shear stiffness is proportional to GAs where G = shear 
modulus and As = shear area ( 0.85 Agross). In RC members responding in the inelastic range the 
flexural and shear deformations are strongly coupled and GAs may grossly underestimate shear 
deformations. Experimental results from quasi-static cyclic tests have shown that the ratio of shear to 
flexural deformations remains approximately constant over a large range of inelastic deformations. 
The modelling approach that more accurately accounts for the interaction of shear and flexural 
deformations is the shell element model. Current state-of-the-practice beam element formulations do 
not successfully capture the coupling between flexural and shear flexibility, and therefore relatively 
crude approximations which consider flexural and shear deformations as independent mechanisms are 
required. ItShear flexibilities can be included through shear flexibility terms in the beam element 
formulation or shear springs at midheight of the storeys. It is recommended to compute the shear 
flexibilities corresponding to =1 using Eq. (5) to estimate the ratio of shear to flexural displacement 
s/f (Beyer et al., 2014). The shear stiffness can be assumed to be distributed over the height of the 
wall in proportion to the flexural stiffness EI.  

c) Moment capacity of RC walls with lap splices 

The moment capacity of slender RC walls with shear spans ratios larger than approximately 2 can in 
general be determined using plane section analysis and the strain limits proposed in section 3.3.3. 
However, it should be checked that the lap splice is able to develop its full capacity; an approach was 
also presented in section 3.3.3. For more squat walls ideally shell element models should be employed 
but simpler models can give a first estimate of the displacement capacity.  

d) Deformation capacity of RC walls with lap splices 

Walls with unconfined lap splice at the wall base have in general a smaller deformation capacity than 
walls without lap splice. For the walls tested within the scope of this research project, the lap splice 
reduced the drift capacity by 50%.  

Despite the advancement of numerical methods, predicting the deformation capacity of RC walls still 
poses significant challenges. In this study, three types of models were compared, i.e., plastic hinge 
models, beam element models and shell element models. The results showed that the predictions 
agreed well in terms of the global response in the elastic range and after the onset of yielding. 
However, as the inelastic deformations increase, the scatter given by the the different predictions also 
increased. This observation is greatly magnified if local deformation measures such as strains are 
compared. A case study that was based on the walls tested within this project showed that the 
difference in predicted strains for a given displacement demand can read several 100% (Almeida et al., 
2014). One central reason for this difference is the distinct assumptions on which the considered 
methods and finite element formulations are based. Another reason lies in the lack of regularisation 
techniques for shell and beam element models (Almeida et al., 2014). Such methods are a matter of 
ongoing research efforts but have not yet found their way into most commercial or research codes.   

This large difference in simulated strains from different analysis methods renders the recommendation 
of strain limits rather difficult. Recommendations can only be formulated for a particular method, type 
of finite element, and adopted meshing. Of all the previous methods, plastic hinge models are well 
suited for fast simulation purposes since they can be completely defined with relatively few equations. 
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However, since many walls within the considered buildings are relatively squat, the plastic hinge 
models reach their limit of applicability. Despite this concern, the plastic hinge model was used to 
predict the deformation capacity of the wall with lap splices. In this analysis, the plastic hinge length 
and shear deformations can be estimated as for walls without lap splices (Hannewald, 2013). The 
effect of a lap splice at the base of the wall needs to be considered when determining limit strains. In 
the following, the results of the comparison of analytical results with experimental results are 
summarised. It is stressed again that these recommendations are only valid for the plastic hinge model 
formulation described in section 3.3. For example, other equations for estimating the plastic hinge 
length could lead to different conclusions. It is further emphasized that the validation is limited to 
TW3. For this reason, the authors refrain from proposing new strain limits but only assess the 
applicability of previous strain limits proposed by other authors, which have been verified against 
larger sets of data:  

 The lap splice failure should be assessed on the basis of a compressive and tensile strain limit. 
Addressing the lap splice failure on the basis of a compressive strain limit alone can lead to an 
overestimation of the deformation capacity (for TW3 this was the case when the flange was in 
compression).  

 As a tensile limit, the limit proposed by Biskinis & Fardis (2010) led to a good estimate of the 
deformation capacity of TW3 for the positive loading direction (i.e., towards the flange). 

 As a compressive limit, the strain limit by Priestley et al. (1996), which is also included in SIA 
269/8 (2014), led to acceptable (even if slightly conservative) estimates of the deformation 
capacity of TW3 for the negative loading direction (i.e., towards the free web edge).  

e) Shear strength 

SIA 262 considers two shear failure modes of RC walls: Rupture of the transverse reinforcement and 
crushing of the compression diagonal. Shear strength of RC walls is in general critical if transverse 
reinforcement is low. Relying only on the strength of the shear reinforcement as SIA 262 (2004) 
proposes leads in this case to a rather conservative estimate of total shear strength. While such an 
approach is appropriate for new designs, more advanced models are required for the assessment of 
existing structures. Such models consider also the contribution of the concrete (i.e., the shear stress 
that can be transferred by aggregate interlock on the shear-flexure cracks) and the contribution of the 
axial force towards the shear strength. If the shear strength of RC walls is found to be critical, it is 
therefore recommended to use such advanced models for more accurate, less conservative, estimates. 
Several research groups have proposed such kind of proposals; for the RC walls herein considered the 
modified UCSD model is recommended. The model was proposed by Priestley and co-workers in 
1990s and has been slightly updated in Priestley et al. (2007); the latter is reproduced in the following 
lines. 

Priestley et al. (2007) compute the shear resistance as the sum of three components, i.e., the 
contribution of the concrete due to aggregate interlock VC, the contribution of the shear reinforcement 
VS and the contribution of the axial force VP: 

ோܸ = ஼ܸ + ௌܸ + ௉ܸ (25)
The concrete component accounts for aggregate interlock along the shear-flexure cracks. This 
contribution reduces as the crack widths increases. The strength is also dependent on the shear span 
ratio and on the longitudinal reinforcement content: 

஼ܸ = ߙ ∙ ߚ ∙ ߛ ∙ ඥ ௖݂′ ∙ ௦ (26)1.0ܣ ≤ ߙ = 3 − ௪ܯ݈ܸ ≤ ߚ(27) 1.5 = 0.5 + ௟ߩ20 ≤ 1.0 (28)
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where fc’ is the cylinder compressive strength of the concrete in MPa; As is the wall area that 
contributes to the shear resistance (Ae=0.8Agross; for flanged walls Agross should be computed 
disregarding the flange area); M and V are the moment and shear force at the wall base; lw is the wall 
length; l is the total reinforcement longitudinal reinforcement content (l=As,long/Agross). The shear 
stress  is a function of the curvature ductility  at the wall base: ߤథ ≤ 1.0: ߛ = 0.29 ܽܲܯ థߤ(29)  ≥ 13.0: ߛ = 0.05 ܽܲܯ  (30)
For between 1.0 and 13.0 the shear stress  can be linearly interpolated. This approach for 
computing the shear strength should only be used for assessment; if the wall is retrofitted with regard 
to the shear strength, its shear strength should be computed according to SIA 262 (2004).  

4.3.2. Slabs 

Slabs should be considered in the structural model and the building should not be analysed as a group 
of independent cantilever walls. In particular at instances where some walls have started to form 
plastic hinges at the base while others are still elastic, the walls have different displaced shapes, which 
can cause significant compatibility forces in the slabs (Beyer et al., 2014). These forces result from 
imposing equal displacements at each storey as a result of the inplane stiffness of the slab.  

In general it is sufficient to consider only the in-plane stiffness of RC slabs and neglect the out-of-
plane stiffness. If the slab is a solid RC slab and the span lengths of the slabs are relatively small, it 
can be assumed that the slab is infinitely rigid in plan. If this does not apply, the slab should be 
modelled as elastic with gross sectional properties. SIA 269/8 (2014) recommends that the in-plane 
slab flexibility should be considered, if the slab displacements relative to the ground increase by more 
than 20% when compared to the model with slab elements that are rigid in-plane. In this case, it should 
also be pondered whether the out-of-plane stiffness of the slab should be considered. This is necessary 
if the resulting change in axial force in a particular wall is significant and / or if the global overturning 
moment capacity of the building is significantly increased. For the former it is observed that a 
variation of axial force of ±5% Agfc can be considered as significant. Such a change in axial force will 
have typically a significant effect on: (i) the moment capacity and therefore on the flexural stiffness of 
the cracked condition, (ii) the shear flexibility, and (iii) the deformation capacity.  

4.3.3. Beams 

If beams are present, they should be included in the model. Their flexural stiffness can be estimated 
using Eqs. (22) and (23) with a -coefficient of 1.70 for T-section beams (Priestley et al., 2007) or 2.1 
for rectangular beams (SIA 269/8, 2014).  

4.3.4. Columns 

Columns in wall buildings typically do not contribute significantly to the lateral stiffness of the 
structure and their contribution to the lateral stiffness and strength can typically be neglected. It is, 
however, required that the slab-column connections are capable of maintaining their vertical load 
capacity when subjected to seismically induced deformations. A mechanical model for the assessment 
of punching failure of slab-column connections under seismically induced deformations is currently 
under development (Drakatos et al., 2014).  
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Figure 44. (a) Flat slabs on columns (Photo: T. Wenk); (b) Punching failure of slabs of a car park during the 

Christchurch earthquake (Photo: S. Sritharan). 

4.4. Possible Measures for Improving the Seismic Behaviour 

As outlined in the preface of this document, one of the main aims of this document was to develop and 
verify improved assessment methods that lead to more realistic (and less conservative) predictions of 
the seismic behaviour than what standard methods would do. Such an approach allows to preserve 
more buildings in their original configuration without exposing inhabitants to undue seismic risks. 
These approaches will also allow to single out those buildings whose performance in the event of a 
significant seismic event is clearly insufficient. For the type of buildings considered here, suitable 
retrofit methods could comprise (this list is far from exhaustive):    

 If the deformation capacity of the walls is insufficient: Confinement of the lap splice by means 
of FRP wrapping; a concrete pedestal that moves the critical section above the lap splice. 

 If the shear capacity is insufficient: External shear reinforcing; increasing the width of the wall 
(this should be done over several stories).  

 Vertical irregularities due to non-continuous walls (soft-stories): At least some walls should be 
made continuous over the soft story.  

 In-plane irregularities: Adding walls to make the building more regular in plan. Sometimes 
also the closure of dilation joints can lead to a more regular layout and a higher redundancy of 
the structural system.  

Examples on retrofit projects that have been realised in Switzerland can be found in Wenk (2008).  
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5. CONCLUSIVE REMARKS 

Although buildings in Switzerland were not designed for seismic loads before 1970, the present study 
showed that RC wall buildings constructed during the two previous decades have some characteristics 
that are in their favour. Amongst others, the often large number of walls and reasonable longitudinal 
and transverse reinforcement contents, as well as the flanges that help stabilizing the wall and reduce 
the detrimental effect of compressive strains. Other characteristics that were initially considered 
unfavourable, such as the placement of the transverse bars on the inside of the longitudinal bars, did 
not show a significant effect on the wall behaviour in the large-scale tests that were performed within 
the scope of this project. On the other hand, a clear shortcoming of these walls is the relatively short 
lap splices at the wall base. The lap splice significantly reduced the wall displacement capacity by up 
to 50%, which should be taken into account during the seismic evaluation of existing buildings 
(namely in the modelling phase), and in particular of important structures as cultural heritage ones. 
However, despite these shortcomings, the walls that were tested within this project reached their full 
force capacity and developed some inelastic deformations before failure, which indicates that the 
resulting deformation capacity might be often sufficient for regions of low seismicity.  

The work conducted within the scope of this project aimed at improving the understanding of the 
expected seismic performance of RC walls that can be found in buildings constructed during the 1950-
1970 in Switzerland. In this regard, the experimental results of two large-scale tests of such walls 
provided insights into critical aspects, which were outlined in detail in chapter 2 and summarised in 
section 4.1. Further important aspects with respect to structural modelling were discussed in chapter 3 
and summarised in section 4.3.1. It is clear that the very large topic of seismic assessment of RC wall 
buildings cannot be completed conclusively with a single project. The interesting findings of this study 
triggered therefore further research in the same area, which has already started: 

 Regularisation techniques for the numerical analysis of walls: The numerical analyses of the 
tested walls showed that the results vary significantly for larger values of inelasticity demands, 
particularly for the post-peak phase and with regard to the prediction of strains. This renders 
the formulation of failure criteria that are based on sound mechanics very difficult. 
Overcoming this current flaw calls for the development of regularisation strategies that will 
reduce the sensitivity of the model simulations to the finite element formulation and 
discretisation. Such regularisation techniques are currently under development but need 
further calibration against experimental results before they can be implemented in commercial 
codes.  

 Effect of bi-directional loading: The loading protocols applied in this programme did not 
account for the effect of bi-directional loading. In order to study this issue a new wall 
specimen (TW4), geometrically and mechanically identical to wall TW2, was built and will be 
tested under a bidirectional loading. Although the out-of-plane stiffness and strength of the 
walls can be neglected when assessing the performance of an entire building, the effect of out-
of-plane loading on the in-plane stiffness and strength cannot be disregarded, as it may very 
adversely affect the member behaviour. It is recalled that in a real earthquake the walls will be 
subjected to bi-directional loading and the out-of-plane component will therefore influence the 
in-plane behaviour. It is expected that it could affect in particular the stability of the very thin 
wall members (some walls in Swiss structures from 1950-1970 have wall thicknesses of 15 
cm). As mentioned, both walls tested within the scope of this project did not develop out-of-
plane stability problems. However, the behaviour of wall TW1, a 12 cm wall that was part of 
the same experimental program but represented a wall typical of the current construction 
practice in Colombia, was fundamentally controlled by instability issues.  

New research results will be continuously published and are available on the laboratory’s webpage 
(eesd.epfl.ch) or by contacting the authors of the report.  
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